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Abstract
Weakness zones or faults containing swelling clay represent a challenging situation in 
hard rock tunnelling. When excavating in such zones, failures have occurred occasionally 
even though particular precautions have been taken. Instability has been encountered 
during tunnel excavation and sometimes also long after tunnel completion. One of the 
most recent cases of failure, the rock fall at the Hanekleiv road tunnel in southeast 
Norway, occurred ten years after tunnel completion. The rock fall was in a fault zone 
where swelling clay had been identified, about 1.1 km from the northern tunnel entrance 
of the southbound tube. Cracks had been detected in the applied shotcrete at the fault 
zone during tunnel excavation. In one major weakness zone containing swelling clay at 
the Finnfast subsea tunnel, monitoring was carried out by the Norwegian Geotechnical 
Institute (NGI). Strain gauges and load cells were installed in the reinforced shotcrete rib 
near the crown and at springlines of the tunnel.  
 
The rock mass quality was estimated for the weakness zones of the two cases based on 
the Q classification system. However, it is hardly possible to characterize the complex 
conditions of weakness zones containing swelling clay with an empirical classification 
system. Except the important feature of the size (thickness) of zones, effects of swelling 
clay in weakness zones can not be fully accounted for in the system.   
    
Gouge materials were collected from the zones and mineral composition identified with 
X-ray diffraction analysis. Laboratory testing based on measuring the swelling pressure 
of remoulded specimens, and free swelling test were used to quantify the swelling 
potential.   
 
Numerical modelling is a powerful tool in rock engineering planning and design, 
particularly when difficulties and uncertainties are expected in the underground 
excavation. A three-dimensional program is normally preferred for the complicated 
i  
 engineering mechanical computation of tunnelling through weakness zones/faults. 
Inappropriate use of two-dimensional modelling may induce a large deviation in 
simulation results. The extent of deviation is illustrated with numerical simulation and 
comparison based on the two-dimensional finite element program Phase2 and the three-
dimensional finite difference program FLAC3D. 
 
The instrumented weakness zone at the Finnfast subsea tunnel provides the opportunity to 
quantitatively evaluate the loading effects on reinforced shotcrete ribs. FLAC3D was used 
for this modelling, where the pore pressure distribution around the tunnel periphery after 
each blasting round was determined by using the ground water flow analysis. The full 
rock support (spiling bolts, shotcrete, radial bolts, face bolts, reinforced shotcrete ribs) 
applied during tunnel excavation was included in the model. The weakness zone, side 
rock and the rock support of sprayed concrete were simulated with the Mohr-Coulomb 
model. The spiling bolts, radial bots, face bolts and steel bars in the reinforced ribs of 
shotcrete were simulated with various built-in structural elements according to the 
loading characteristics. Different swelling pressures were applied on the rock support 
during simulation, ranging from zero to 0.20 MPa at an interval of 0.04 MPa. Though 
swelling pressure considerably increases the loading on rock support, all instrumentation 
data and simulation results show that the loading on the sprayed concrete is far less than 
its compressive strength. The loading on rock support was found to be much higher close 
to the excavation face, and this area is more critical in terms of tunnel stability.  
 
It was concluded that the rock fall at the Hanekleiv road tunnel was caused by a 
combination of swelling and gravitational collapse due to the very low internal friction.  
The swelling process most likely was caused by both the water from joints and 
accumulation of moisture behind the water/frost shielding, when ventilation has had little 
effect after tunnel completion. The strength of the rock mass was also reduced with 
absorption of water during the swelling process. Swelling and strength reduction 
gradually developed till the collapse suddenly took place. In the numerical simulation 
with FLAC3D, the fault zone and side rock were simulated based on the Mohr-Coulomb 
model. The strain softening model was used for shotcrete in order to simulate its post-
ii  
 failure behaviour in consideration of the cracks detected during tunnel excavation. Three 
stages of mechanical states have been focused in the analysis. The first stage represented 
tunnel excavation and detection of cracks in the shotcrete. The swelling pressure on the 
rock support of shotcrete was considered at the second stage. Combined effects of 
strength reduction of the fault zone and swelling were simulated at the last stage. 
Simulation results verify both the detected cracks during tunnel excavation and the tunnel 
collapse. The swelling pressure, according to the analysis, had a limited influence on the 
shotcrete, while the strength reduction played an important role in the development of 
instability.  
 
Based on the analysis of swelling effects on rock support of the two cases, a flow chart of 
practical procedures for rock support estimation in weakness zones/faults containing 
swelling clay is recommended, in which the site investigation, laboratory testing and 
numerical simulation are integrated. Instrumentation and regular inspection for signs of 
instability are important for the stability control and back analysis. Further research on 
this issue is recommended to enrich the knowledge on tunnelling through such ground.  
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 1. Introduction 
1.1 Background 
      Major weakness zones or faults containing heavily crushed and altered rock mixed 
with gouge material represent one of the most difficult conditions in Norwegian hard 
rock tunnels. Particularly serious is when the gouge material from faults or weakness 
zones contains swelling clay. 
 
      ISRM (1983) defines ‘Swelling’ as a physico-chemical reaction involving water and 
stress relief. The physico-chemical reaction with water is usually the major contribution 
but swelling can only take place simultaneously with, or following, stress relief. The 
swelling is caused by volume increase with absorption of water, and has been often 
associated with argillaceous soil or rocks, and rocks containing anhydrite (Einstein and 
Bischoff, 1975; Einstein, 1996; Gysel, 1987; Kovari et al., 1988; Barla, 1999).  
 
      Swelling may cause large excavation problems and in extreme cases has caused 
tunnel collapses resulting in considerable additional costs and delays for the project. 
ISRM (1989, 1999) has recommended test methods to quantify the swelling potential by 
determination of the maximum axial swelling stress, the axial and radial free swelling 
strain, and the axial swelling stress as a function of axial swelling strain. Recent 
laboratory studies on swelling have mainly been focused on the use of triaxial tests 
(Bellwald, 1990; Aristorenas, 1992; Barla, 2007). These tests are mainly for argillaceous 
swelling rocks and anhydrite. Different constitutive models have been developed, e.g. 
models based on swelling law (e.g. Einstein et al., 1972; Wittke and Rissler, 1976; Gysel, 
1987), rheological models (e.g. Lo et al., 1978; Lombardi, 1984; Sun et al., 1984; Nguyen 
et al., 1984) and mechanical models (e.g. Carter and Broker, 1982; Detournay and Cheng, 
1988; Carter, 1988; Aristorenas, 1992; Barla, 1999, 2008). These models are discussed 
and summarized in Barla (1999). Despite significant efforts made by many researchers, 
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 the swelling process at the tunnel periphery is still not fully understood and there are no 
general guidelines or recommendations for optimum design of tunnels in swelling ground.  
 
      Even more challenging are the weakness zones or faults containing swelling clay. For 
such zones, the stability problem is not only dependent upon the characteristics of the 
gouge and swelling minerals, it also depends on the width of the weakness zone, its 
orientation, its compaction, the access of water, the frequency of occurrences, the 
competence of the side rock and the dimension of the tunnel. All these factors must be 
taken into account when considering the stability problems and the necessary support 
measures. In many cases evaluation of rock support requirement is based mainly on 
experience since there are no clearly defined rules for design of tunnels in such zones. 
Rock mass classification may be used for empirical estimating of support requirement, 
and in many tunnelling projects is applied as the practical basis for rock support design. 
Weakness zones containing swelling clay are however not fully covered in any of the 
most commonly used classification systems, e.g. the Q-system, rock mass rating 
classification (RMR) and the new Austrian tunneling method (NATM). Palmstrøm and 
Broch (2006) recommended that in such ground special investigations and measurements 
should be performed and special analyses conducted to evaluate the results with respect 
to excavation and rock support.  
 
        Difficulties are often connected to quantification of the swelling capacity of the 
gouge as well as prediction of the response on tunnel excavation and support loading. It is 
very difficult to obtain usable undisturbed samples of gouge material from a weakness 
zone for laboratory testing, because the gouge is normally highly disturbed when a 
mixture of clay and rock fragments of various sizes is collected. In Norway, a laboratory 
test method based on measuring the swelling pressure of remoulded specimens has been 
extensively used since it was introduced several decades ago at NTNU (Brekke, 1965). 
The principle of the NTNU test is almost equivalent to the method for determining the 
maximum axial swelling stress for swelling rocks as suggested by ISRM (1989, 1999). 
Instead of having the same density and water content in the specimen as in-situ material, 
as described for the ISRM method, the NTNU method is however based on remoulded 
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 specimens. Though this represents a uniform and reproducible way for preparing test 
samples of gouge materials from weakness zones, the in-situ structure and compaction of 
gouges are damaged as a result of the sampling and preparation.  
 
      For weakness zones or faults containing swelling clay, description of failure cases 
and discussion of possible causes have been of main focus in early literature (Brekke and 
Selmer-Olsen, 1965; Selmer-Olsen et al., 1989) as well as in more recent papers (Nilsen 
and Dahlø, 1994; Blindheim and Nilsen, 2001; Blindheim et al., 2005; Richards and 
Nilsen, 2007; Nilsen and Palmstrøm, 2009). The relative frequency of failure cases under 
such conditions in Norwegian tunnels is small, but on the rare occasions when a cave-in 
occurs it can be quite dramatic and cause considerable problems. During the last few 
years some new cases of cave-in have occurred, despite all the precautions based on 
experiences obtained from early accidents that have been taken.  
1.2 Problem statement
      The recent cases of cave-in illustrate that tunnel instabilities are not incidents that 
belong to the past only. Further knowledge on design of rock support in weakness zones 
or faults containing swelling clay therefore is required. Quantitative analysis on the 
effects of swelling clay in weakness zones on rock support is important for efficient and 
reliable tunnel design. Since the NTNU swelling pressure test has been extensively used 
in Norway for quantification of swelling potential for several decades, the relevance of 
the laboratory test results for analyzing the potential instability and application of the 
results on evaluation of rock support are of considerable interest for the Norwegian 
tunneling industry.  
1.3 Thesis scope and objectives 
      The scope of this thesis is to improve the knowledge of the effects of swelling clay in 
weakness zones on rock support based on NTNU swelling pressure testing and numerical 
modelling. The main goal has been to establish easy to follow practical procedures for 
estimating rock support in weakness zones/faults containing swelling clay, and for this 
the following tasks have been undertaken:  
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x Evaluation and discussion of the relevancy of the NTNU laboratory tests for 
quantification of swelling capacity of gouges;   
x Study of the applicability/reliability of two-dimensional numerical modelling for 
tunnel support design in weakness zones; 
x Quantification of in-situ swelling effects on rock support in weakness zones 
containing swelling clay; 
x Analysis of combined effects of swelling and strength reduction of rock mass on 
tunnel stability in weakness zones containing swelling clay. 
1.4 Organization of thesis 
      The thesis is divided into three sections: the first section consisting of six chapters, 
the second section consisting of the attached main papers, and the last section consisting 
of appendices. The six chapters of the first section are as follows:   
 
Chapter 1, the present chapter, is intended to provide an overview to the problem and the 
work carried out.  
 
Chapter 2 describes several weakness zones containing swelling clay, including the 
weakness zones encountered in the Finnfast subsea tunnel and Hanekleiv tunnel which 
have been used as case studies in the thesis.   
Chapter 3 discusses the rock classification systems, particularly the Q-system and its 
applicability on weakness zones containing swelling clay.   
 
Chapter 4 describes the laboratory test used for characterizing swelling gouge materials.   
 
Chapter 5 discusses the numerical simulation with the focus on selection of appropriate 
constitutive models and structural elements.   
 
Chapter 6 gives comments on papers prepared for publication. 
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Chapter 7 contains the main conclusions and recommendations.  
 
Main Papers: 
The following papers I - IV are included in full length: 
 
Paper I. Laboratory Testing of Swelling Gouge from Weakness Zone - Principle and 
Recent Update 
Authors: Dawei Mao, Bjørn Nilsen, Filip Dahl 
The paper was published in Proceedings of the 45th US Rock Mechanics/Geomechanics
Symposium, San Francisco, United Sates, 2011. 
Paper II. Numerical Analysis of Effects of Weakness Zones on Tunnel Stability - 2D 
versus 3D 
Authors: Dawei Mao, Bjørn Nilsen 
The paper was submitted to the 13th World Conference of the Associated Research 
Centers for the Urban Underground Space (November 2011).  
Paper III. Analysis of Loading Effects on Reinforced Shotcrete Ribs Caused by 
Weakness Zone Containing Swelling Clay 
Authors: Dawei Mao, Bjørn Nilsen, Ming Lu 
The paper was published in Tunnelling and Underground Space Technology (2011), Vol. 
26, p. 472ದ480, doi:10.1016/j.tust.2011.01.004. 
Paper IV. Numerical Analysis of Rock Fall at Hanekleiv Road Tunnel  
Authors: Dawei Mao, Bjørn Nilsen, Ming Lu 
The paper was accepted by Bulletin of Engineering Geology and the Environment in 
October 2011. 
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 Appendices
The appendices of this thesis are: 
Appendix A Orignial XRD test results  
Appendix B FLAC3D code  
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 2. Recent Cases of Weakness Zones Containing Swelling Clay
2.1 Introduction
      Weakness zones or faults containing swelling clay have been registered in all the 
main rock type regions in Norway, and failure cases under such conditions have often 
resulted in considerable costs and delays in Norwegian tunnels (Brekke and Selmer-
Olsen, 1965; Selmer-Olsen et al., 1989, Nilsen and Dahlø, 1994). Methodologies 
concerning investigation, excavation and rock support have been improved based on the 
experiences from these cases. Nevertheless, within the last few years some new cases of 
instability (Oslofjord tunnel, Hanekleiv tunnel, Atlanterhav tunnel) have still occurred 
despite the particular caution in tunnelling made in such zones as described by Nilsen 
(2010, 2011). These new cases, illustrating that instability when tunneling through such 
zones is not confined to incidents belonging to the past only and that more knowledge is 
required, are briefly described in this chapter. To improve the basis of support evaluation 
for such weakness zones, the Norwegian Geotechnical Institute (NGI) installed 
instrumentation in one typical such weakness zone at the Finnfast subsea tunnel, which is 
also described here.  In this thesis, the weakness zones at the Finnfast subsea tunnel and 
the Hanekleiv road tunnel have been selected as cases for further study. Detailed 
description of these two cases can be found in Paper III and Paper IV.    
2.2 Recent cases of instability
2.2.1 Oslofjord tunnel 
      The Oslofjord tunnel is a 7.2 km long three-lane subsea road tunnel with cross section 
about 79 m2 and with its deepest part 134 m below sea level (Figure 2.1). The bedrock in 
the area consists of Precambrian granitic gneisses. For leakage control, considerable 
grouting was carried out. Shotcrete and rock bolts were applied according to the rock 
conditions. Faults/weakness zones were encountered during excavation, several of them 
containing swelling clay (smectite). Concrete lining was used for the main fault zones, 
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 which represent approximately 1.7% of the total tunnel length. For the final frost and 
water shielding, concrete walls and PE-foam/shotcrete ceiling were installed. Although 
this shielding may cope with minor fragments of falling rock, it is not designed to 
withstand major rock falls.  
 
 
Figure 2.1 Longitudinal profile of central part of the Oslofjord subsea tunnel (Nilsen, 2011) 
 
      After 3.5 years of tunnel operation, a rock fall suddenly occurred and went through 
the frost and water shielding at the location indicated in Figure 2.1. The total volume of 
the rock fall was estimated to 40 m3, of which about 4 m3 went through the lining. The 
clay gouge in the unstable areas was tested and found to be highly active in terms of 
swelling potential. 
 
      The cave-in was caused by the presence of a steep 0.5 m-1 m wide clay zone. The 
rock support in this area was obviously insufficient. Inspection showed that only 4 – 6 cm 
thick shotcrete was used in the roof, and there was no support in the lower part of the 
wall (Kvåle et al., 2004). Two other rock falls of similar character were identified behind 
the shielding during inspection of the tunnel after the cave-in.  
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 2.2.2 Hanekleiv tunnel 
      The 1765 m long Hanekleiv road tunnel is located in southeast Norway. It has two 
tubes, each with a theoretical cross section of excavation of about 65 m2 (Norwegian 
Public Roads Administration, 2004). The bedrock along the northern part of the tunnel is 
Silurian sandstone which underlies Permian basalt and a layer of Carboniferous shale and 
conglomerate. The southern part of the tunnel is in Permian syenite. Topography and 
geology along the tunnel alignment is shown in Figure 2.2. 
Cave in area
 
 
 
Figure 2.2. Topography and geology along the tunnel alignment, top: plan view, below: longitudinal cross 
section  (Based on Bollingmo et al., 2007). 
 - 9 - 
 
        
       The rock fall at the Hanekleiv occurred, ten years after the tunnel was completed 
(Bollingmo et al., 2007; Reynolds, 2007; Nilsen, 2011), approximately 1.1 km from the 
northern tunnel entrance of the southbound tube. The total volume of caved in material 
was estimated to 250 m3. Although one large block of syenite weighing several tons was 
found at the site, most of the material was a mixture of small blocks, gravel, and 
fragments of altered syenite. A fault zone (thickness < 4m) was identified here in the 
syenite during excavation. This zone was sealed with 15 cm thick steel fibre reinforced 
shotcrete. During later inspection cracks in the shotcrete were detected and 10 cm extra 
tcrete was applied after tunnel break through. sho
    
      The fault zone causing the cave-in intersected the tunnel at a small angle (10 – 15°), 
and was bounded by two parallel joints striking approximately 030 - 040° and dipping 70 
- 80° to the southeast. The joints were filled with clay gouge with a thickness of 5 to10 
cm (Bollingmo et al., 2007). The fault zone consisted of altered syenite and clay 
seams/filled joints. The rock mass quality of the fault zone based on site inspection after 
the rock fall was estimated to be extremely poor (Q = 0.013) (Nilsen, per. comm.). 
Swelling clay was found in the altered syentie as well as in the clay seams, and the 
swelling mineral smectite was identified (Bollingmo et al., 2007). 
ve 
been reduced with absorption of water during the swelling process (Mao et al., 2011). 
re instability developed. Figure 2.3 
shows the longitudinal profile along the tunnel axis. 
 
     Based on thorough investigation it was concluded that, in addition to the effect of the 
swelling process, gravitational collapse due to the very low internal friction probably 
played an important role in the development of instability in this case (Bollingmo et al., 
2007; Nilsen, 2011). The strength of the rock mass in the fault zone is believed to ha
2.2.3 Atlanterhav tunnel 
      The Atlanterhav tunnel is a 5.7 km long subsea road tunnel, located near Kristiansund 
in western Norway. It has a theoretical cross section of excavation of about 85 m2 close 
to the shorelines and 62 m2 in the central part whe
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Figure 2.3 Longitudinal profile of the Atlanterhav subsea road tunnel. Assumed weakness zones/seismic 
low velocity zones (with velocity in km/s) are indicated. Spacing between vertical lines is 250 m and 
between horizontal lines 100 m (Nilsen, 2011) 
 
     The bedrock in the area consists of Precambrian granitic gneisses. Near the lowest 
level of the planned tunnel where the cave-in occurred, a weakness zone with seismic 
velocities as low as 2.8 km had been identified during pre-investigations (Figure 2.3). 
The rock mass quality of the zone was very poor with crushed rock and clay gouge, and 
minor water leakage was observed. Excavation after grouting was carried out with 
reduced round length (3 m), shotcreting, systematic radial bolting and installation of 
spiling bolts (Karlsson, 2008). 
 
Figure 2.4 Cave-in situation approx. 225 m below sea level in the Atlanterhav tunnel (Nilsen, 2011) 
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       When excavation of the weakness zone was started, there was a tendency for small 
rock fragments to drizzle/fall down between the spiling bolts. Attempts to stop this by 
applying shotcrete were unsuccessful, and after a few hours a 5–6 m high cave-in of the 
roof had developed, covering the full tunnel width and the 3 m round length. Based on 
holes drilled later it was found likely that the collapse extended about 10 m above the 
tunnel roof as illustrated in Figure 2.4. 
 
      In order to stabilize the tunnel, excavated material was placed against the face, the 
area between the tunnel contour and the fill material was sealed with shotcrete, and 
concrete was pumped into the slide scar. Additional rock support was installed behind the 
unstable section and a concrete plug longer than 10 m was placed to seal the tunnel. 
Probe drilling indicated considerable water leakage, and extensive grouting of the backfill 
material and the rock beyond the slide scar was required. Core drilling through the 
weakness zone was carried out (Figure 2.4) and showed that the zone was more than 25 
m wide and had considerable water leakage. 
2.2.4 Overall evaluation 
      The different cases discussed above are in many ways similar. At both the Oslofjord 
tunnel and the Hanekleiv tunnel, the stability occurred long after completion of the 
project, while at the Atlanterhav tunnel it occurred during excavation. These zones where 
instability occurred are all quite steep, although the thickness ranges from less than 1 m 
to more than 25 m. In all cases swelling clay was found. Table 2.1 shows the key data of 
the instability cases. Laboratory test results for gouge materials from the zones vary 
considerably. The test methods are discussed in Chapter 4.     
 
Table 2.1 Key data of instability cases 
Project Oslofjord tunnel Hanekleiv tunnel Atlanterhav tunnel 
Standup time 3.5 years 10 years few hours 
Slide volume (m3) 40 250 - 
Thickness of zone (m) 0.5 - 1 < 4 > 25 
% material < 20ȝm 34 14 5 
Free Swelling (%) 167 150 135 
Swelling Pressure (MPa) 0.55 0.18 0.10 
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 2.3 Case of instrumented weakness zone - Finnfast subsea tunnel 
      The Finnfast Subsea Tunnel is located close to Stavanger in southwest Norway. The 
length of the main tunnel, linking the two islands Rennesøy and Finnøy, is 5.76 km, 
while the branch tunnel to the smaller island Talgje in the middle of the fjord is 1.45 km. 
The excavation span of the tunnel is 12 m. The bedrock in the region is Precambrian with 
granitic gneiss as predominant rock type. The instrumented weakness zone is about 10 m 
wide, and has strike direction almost perpendicular to the tunnel alignment and a dip 
angle about 70o towards east. The tunnel intersects the zone at 140 m below sea level (50 
m of water, 10 m of soil and 80 m of rock overburden).        
 
 . 
Figure 2.5  Rock support in weakness zone (Nilsen and Palmstrøm, 2001) 
 
      The material of the zone is highly crushed and the rock mass quality according to the 
Q-system, is exceptionally poor to extremely poor (Q=0.01-0.02) (Mao et al., 2011). 
Montmorillonite has been identified as the most important swelling mineral in the gouge 
material of the zone. Extensive engineering measures were taken when the tunnel was 
excavated through the zone, including spraying of 15cm fiber reinforced shotcrete after 
blasting; installation of 3m long radial rock bolts; installation of 4m long horizontal rock 
bolts at the tunnel face; installation of reinforced shotcrete ribs; installation of 6m long 
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 spiling bolts and reduction of the length of the blasting round to 3 m (Grimstad et al., 
2008; Mao et al., 2011). A principle sketch of this kind of rock support system is shown 
in Figure 2.5. 
 
Figure 2.6. Spraying of the instrumented rib (Grimstad et al., 2008). 
. 
      Three sets of instrumentation, including strain gauges and load cells, were installed in 
a shotcrete rib at the springlines and the crown when the tunnel was excavated in the 
middle of the major zone (Grimstad et al., 2008). The instruments were completely 
embedded in sprayed concrete, except the load cell for monitoring the load from rock 
mass, which was fixed to the tunnel periphery on an even basis. Spraying of the 
instrumented rib is illustrated in Figure 2.6. The readings were reset after spraying the 
concrete on the reinforced rib and the next round of blasting was carried out four days 
after instrument installation. Monitoring was conducted by the Norwegian Geotechnical 
Institute (NGI) (Grimstad et al., 2008), which provides a good basis for quantitative 
analysis of swelling effects. 
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 3. Relevance of Rock Mass Classification  
3.1 Introduction 
      Rock mass classification is to arrange and combine different features of a rock mass 
into groups or classes based on a specific system or principle. There are a large number 
of rock mass classification systems developed for general purposes and specific 
applications, and among these the commonly used ones are RQD, Q, RMR, NATM, RMi, 
etc. Development of rock mass classification systems and characteristics of each system 
is out of scope of this chapter, and for details it can be referred to Hoek et al. (1995), 
Palmstrøm (1995), Edelbro (2003), etc.  
 
      The classification approach often serves as the only practical basis for design of 
underground structures. In Norwegian tunneling practice, the Q-system (Barton et al., 
1974; Grimstad and Barton, 1993; Barton, 2002; Grimstad et al., 2002) is the most 
commonly used rock mass classification system, which incorporates estimation of the 
rock mass quality, support pressure and required rock support. It has been used in this 
thesis for both zones at the Finnfast subsea tunnel and the Hanekleiv road tunnel and 
therefore is focused on in the following.  
3.2 Q-system 
      The Q-system was first introduced by Barton et al. in 1974, based on an analysis of 
212 case records, among these 180 were supported excavations and the rest were 
permanently unsupported. More than 90 cases of the database for developing the Q-
system were provided by Cecil (1970). The numerical value of the rock mass quality 
index Q is defined by: 
SRF
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J
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       RQD is the Rock Quality Designation (indicating the fracturing degree); Jn is the joint 
set number (accounting for the number of joint sets); Jr is the joint roughness number 
(accounting for the joint surface roughness); Ja is the joint alteration number (indicating 
the degree of weathering, alteration and filling); Jw is the joint water reduction factor 
(rating for the water inflow and pressure effects); and SRF is the stress reduction factor 
(indicating the influence of in-situ stress). The rating of individual parameters has been 
updated several times, with the most recent update in 2002 (Barton, 2002).  
 
Figure 3.1 Empirical method for estimating the support pressure. Plotted points refer to case records 
describing measured or designed roof support pressures. (Barton et al., 1974) 
 
      With the value of the index Q, the support pressure can be estimated from the 
empirical diagram in Figure 3.1, which was based on the available case records of 
measured or designed roof support pressures (Barton et al., 1974). An equation relating 
the arch roof support pressure (Parch) and rock mass quality Q, fitting available case 
records quite well, was found to be:  
r
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Figure 3.2 Q support chart with wide application of reinforced rib of shotcrete (RRS). (Grimstad et al., 
2002) 
 
    In relating the value of the index Q to the stability and support requirements of 
underground excavations, an additional parameter called the equivalent dimension ( ) 
was defined. This equivalent dimension ( ) is obtained by dividing the span, diameter 
or wall height of the excavation by the excavation support ratio,  (Barton, 1976). The 
chart, where equivalent dimension, De is plotted against the value of Q, is used to define a 
number of support categories. In 1993, Grimstad and Barton updated the Q-system based 
on 1050 case records. The updated chart for rock support design reflects the increasing 
eD
eD
ESR
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 use of steel fibre reinforced shotcrete in underground excavation support. The new Q-
value correlations published by Barton (2002), mainly focused on the applicability of the 
Q-system in site characterisation and tunnel design. The experience of the wide 
application of the reinforced ribs of sprayed concrete (RRS) was taken into account by 
Grimstad et al. (2002), who specified RRS in the updated Q support chart  (Figure 3.2) 
based on numerical analysis and deformation measurements in tunnels.  
3.3 Estimation of rock support based on Q-system 
      The rock mass quality for the selected cases of weakness zones at the Finnfast subsea 
tunnel and at the Hanekleiv road tunnel has been estimated based on the Q-system. Rated 
individual parameters of the Q-system of these two zones are given in Table 3.1. The 
rock mass in the weakness zone at the Finnfast subsea tunnel is classified as 
exceptionally poor to extremely poor, with Q-value between 0.01 and 0.02. The estimated 
Q-value for the fault zone at the Haneleiv tunnel based on the site inspection after the 
rock fall was found to be 0.013, indicating extremely poor rock mass.  
 
      Based on the estimated Q-values and the tunnel dimension, heavy rock support like 
reinforced shotcrete rib or cast-in-place concrete lining should have been considered for 
both zones according to the rock support chart of Q-system. 
 
Table 3.1 Rated input parameters of Q-system (based on Nilsen (per. Comm.), and Mao et al., 2011 ) 
Parameter A* B* 
Rock quality designation (RQD) 10 10 
Joint set number (Jn) 20 20 
Joint roughness number (Jr) 1.5 1 
Joint alteration number (Ja) 15 15 
Joint water reduction factor (Jw) 1 1 
Stress reduction factor (SRF)  5 2.5 
A*: Worst-case condition of the Finnfast weakness zone  
B*:  Hanekleiv fault zone 
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 3.4 Limitation of Q- system for weakness zones containing swelling clay
      Though there are options of rating the joint alteration number Ja and the stress 
reduction factor SRF with consideration of swelling in the Q-system, the effects of 
swelling clay in weakness zones have not been satisfactory included. How to rate the 
value of Ja according to the ‘percent of swelling-clay particles’ is not clearly defined 
(Table 3.2). Furthermore, a very important factor of the size (thickness) of zones is not 
considered, although several features of weakness zones have been included in the Q- 
system when rating the SRF parameter for zones in competent rocks (Barton, 2002; 
Palmstrøm and Broch, 2006):  
 
x How the zone occurs; either as single zone, or as frequent occurrences of two or 
more zones. 
x Content of clay materials or chemical alteration/weathering in the zone. 
x At which depth the zone is located (in competent rocks) with a division between 
zones deeper or shallower than 50 m. 
x The conditions of the adjacent rock mass – given for single zones only. 
x Various types of zones, such as unconsolidated, open joints/heavily jointed zones, 
sugar cube rock. 
    
   Table 3.2 Rating of Ja (Barton, 2002) 
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       As shown in Table 3.3, even for argillaceous swelling rock and rock containing 
anhydrite corresponding to ‘group D’, swelling effects are only roughly classified without 
indicating the limit between ‘mild swelling pressure’ and ‘heavy swelling pressure’.       
 
Table 3.3 Rating of SRF (Barton, 2002) 
  
      The support pressure caused by swelling in weakness zones/faults containing swelling 
clay can be substantial, but this type of ground is too complicated to define. The swelling 
pressure in such cases can not be considered with the empirical diagram published by 
Barton et al. (1974), and has been included neither in later revisions of Q-system (i.e. 
Grimstad and Barton, 1993; Barton, 2002) nor in research on support pressure (Sheorey, 
1985; Singh Bhawani et al., 1992; Goel, 1994; Goel et al., 1996; Singh Bhawani et al., 
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 1997). The ground reaction curve (Brown et al., 1983; Duncan Fama, 1993; Hoek et al., 
1995; Carranza-Torres, 2004) is used here to conceptually illustrate the support pressure 
due to swelling (Figure 3.3). Resulting swelling pressure on rock support is influenced by 
the time of rock support installation and the support stiffness, and can be considerably 
reduced with tunnel deformation. 
       
   
 Figure 3.3 Ground reaction curve (GRC) considering swelling pressure (Ps: pressure on rock support 
caused by swelling) 
 
      If rock support pressure for the Finnfast weakness zone is estimated based on the 
empirical diagram in Figure 3.1, the value would be surprisingly higher than the 
monitored load from rock mass. To a great extent, this may be due to the fact that the 
location of instrumentation is not very close to the excavation face, which is the most 
critical area in terms of rock support and tunnel stability. 
 
     It should also be noted that the strength reduction of the rock mass with water 
absorption can not be accounted for by any parameter in the Q-system. This is of 
particular significance for the fault where cave-in occurred at the Hanekleiv road tunnel. 
             
      The Q-system is more relevant for ground conditions within the bounds of dominant 
case histories. As illustrated by Figure 3.1, very few cases of registered support pressure 
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 are within the area corresponding to the Q value range of 0.002 – 0.2, which represents 
rated rock mass quality of the majority of weakness zones. 
        
      Thus, it is hardly possible to characterize the complex conditions of weakness zones 
containing swelling clay with an empirical classification system, where very few such 
extreme cases have been included in the database. In such complex ground special 
methods for analysis should therefore be used to evaluate the results with respect to 
tunnel stability and required rock support. 
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4. Laboratory Testing of Swelling Clay  
4.1 Introduction 
      The gouge material from faults or weakness zones usually consists of a mixture of 
clay and rock fragments of various sizes. Swelling minerals in gouge material can be 
identified by X-ray diffraction analysis (XRD) or differential thermal analysis (DTA). 
For quantification of swelling potential, a laboratory test method based on measuring the 
swelling pressure of remoulded specimens and the so called free swelling test have been 
extensively used in Norway. X-ray diffraction analysis and the two testing methods for 
quantification of swelling potential have been conducted for the Finnfast and Hanekleiv 
samples. The gouge samples were collected from the weakness zone at the Finnfast 
subsea tunnel, and from the caved in 
material and the clay fillings of the 
distinct joints at the Hanekleiv road 
tunnel. 
4.2 X-ray Diffraction Analysis 
      In the X-ray diffraction analysis, 
the sample is irradiated with x-rays of 
a fixed wave-length and the intensity 
of the reflected radiation is recorded 
and analyzed for the reflection angle to 
calculate the inter-atomic spacing. The 
intensity of reflection is measured to 
discriminate the various spacings and 
to identify the minerals based on 
possible matches (Moore and 
Reynolds Jr., 1997).  
Figure 4.1 XRD D8 Advance 
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       Figure 4.1 shows the test equipment used in the NTNU/SINTEF laboratory for the 
analysis - XRD D8 Advance (Bruker, 2010). The minerals of the collected gouge 
material from the instrumented weakness zone at the Finnfast subsea tunnel were 
identified as montmorillonite, muscovite, chlorite, clinochlore and graphite. Among these, 
montmorillonite is the most important swelling mineral.  The mineral compositions of 
two tested samples show some differences (Table 4.1). Details regarding test results are 
shown in Appendix A. Bollingmo et al. (2007) based on X-ray diffraction identified that 
the minerals of tested samples of gouge material for the Hanekleiv case as alkali feldspar 
(53%), plagioclase (21%), smectite(6%), kaolinite(11%) and mica(9%). 
Table 4.1 Mineral composition of the clay samples based on X-ray diffraction analysis – Finnfast case 
Mineral Montmorillonite Muscovite Chlorite Clinochlore Graphite 
Sample 1 9.4% 27.7% 40.5% 19.9% 2.5% 
Sample 2 24.4% 22.3% 31% 17.6% 4.7% 
4.3 Swelling Pressure Test
      The laboratory test method based on measuring the swelling pressure of remoulded 
specimens was introduced at NTNU several decades ago (Brekke, 1965). The procedure 
of the NTNU swelling pressure test has been standardized, and can generally be divided 
into sample preparation, compression, unloading and swelling. A principle sketch of the 
NTNU swelling pressure test is shown in Figure 4.2. First, the fraction of clay with grain 
size less than 20 ȝm is segregated from the gouge material and dried in an oven at 105 oC 
/110 oC. The dried clay is then exposed to the relative humidity of the laboratory air (40%) 
and laboratory temperature before it is milled into clay powder. 20 g of such clay powder 
is then packed in a  20 cm2 oedometer cell and compressed at 2 MN/m2 for a minimum of 
24 hours to obtain constant volume. Thereafter, the sample is unloaded till no significant 
volume change is registered. Finally, water is accessed to the sample and the mobilized 
pressure is measured with the sample volume kept constant. Figure 4.3 shows the 
upgraded equipment at the NTNU/SINTEF laboratory for the test. The test apparatus, test 
procedure, limitation of the test, etc. are described in more detail in Paper I.   
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            Figure 4.2. Principle sketch of the NTNU swelling pressure test (Nilsen and Broch, 2009). 
 
Figure 4.3 Upgraded NTNU apparatus for testing swelling pressure. 
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       More than 500 gouge samples have been tested at the NTNU/SINTEF laboratory 
based on this test. The maximum value of swelling pressure that has been measured is 
more than 4 MPa. The Norwegian National Group of ISRM, NBG, defines swelling 
pressure below 0.1 MPa as low, 0.1 - 0.3 MPa as moderate, 0.3 - 0.75 MPa as high and 
above 0.75 MPa as very high based on this type of test (NBG, 2000). Since the water 
entering the weakness zone in a subsea tunnel is often saline, testing was carried out with 
six individual Finnfast samples using both distilled water and seawater. The fraction with 
grain size less than 20ȝm of the Finnfast samples accounted for 20.7% of the total weight. 
The test results based on distilled water gave swelling pressure between 0.19MPa and 
0.21MPa, and based on seawater between 0.16MPa and 0.18MPa for the Finnfast 
samples. For the Hanekleiv samples, tested by Bollingmo et al. (2007), the fraction with 
grain size less than 20 ȝm accounted for 14% of the weight of test samples and the tested 
swelling pressure was 0.18 MPa. 
4.4 Free Swelling Test 
      The so called free swelling test is another common test to quantify the relative 
swelling potential, in which the clay fraction with particle size less than 20 ȝm is also 
used. 10 ml of loosely packed dry clay powder is drizzled into a 50 ml measuring 
cylinder filled with distilled water. The volume occupied by the clay powder after 
sedimentation is recorded, and the free swelling is calculated as the percentage of the 
original powder volume. 
 
Free swelling index number (FS): 
FS = V1/V2 
V1 = Volume of clay after sedimentation 
V2 = Original volume of dry clay powder, 10 ml 
 
      More than 400 gouge samples have been tested at the NTNU/SINTEF laboratory 
based on the free swelling test. The maximum recorded value is higher than 850% while 
the minimum value is as low as 60%. NBG defines free swelling below 100% as low, 
100% - 140% as moderate, 140% - 200% as high and above 200% as very high (NBG, 
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 2000). Free swelling 150%- 165% in distilled water and 110%-130% in seawater were 
recorded for the tested samples prepared from the gouge material in the Finnfast 
weakness zone.  For the Hanekleiv samples the free swelling was 150% (Bollingmo et al., 
2007). 
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 5. Numerical modelling
5.1 General 
      Numerical simulation is a powerful tool for civil and mining engineering planning 
and design, particularly when difficulties and uncertainties are expected in underground 
excavation. Generally, the numerical methods in the fields of civil and rock engineering 
can be categorized as below: 
Numerical methods
Discontinuum model Subgrade modelContinuum model
Discrete element method Beam element methodFinite element method
Finite difference method
Boundary element method
 
Figure 5.1 General classification of numerical methods 
 
      These numerical methods are based on different theories and assumptions, and this 
makes each of them suitable for particular types of problems. Details of strengths and 
weaknesses of each method are discussed by Pande et al. (1990) and Jing and Hudson 
(2002).  
5.2 2D versus 3D
      Due to their simplicity, two-dimensional programs have been widely used in 
calculating stresses and displacements around underground excavations. However, 
tunneling through weakness zones/faults normally can not be easily simplified into a two-
dimensional problem, since the effects of the geometry of weakness zones/faults in most 
cases can not be considered in a two-dimensional analysis. This has been discussed in 
Paper II by comparison of the commonly used 2D-program Phase2 with a powerful 3D-
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 program, FLAC3D (Itasca, 2005). In this thesis, FLAC3D (Itasca, 2005) has been used in 
simulating the Finnfast case and Hanekleiv case. 
5.3 Phase2
      Phase2 is a two-dimensional elasto-plastic finite element stress analysis program for 
underground and surface excavations in rock or soil (Rocscience, 2005). The finite 
element method divides the body into small elements of various shapes, e.g. triangles and 
rectangles. Displacements within the element are related to the displacements at the 
nodes through so-called shape functions. Transmission of internal forces between the 
edges of adjacent elements is represented by interactions at the nodes of the elements. 
Matrix-oriented solution schemes are common for the finite element method. An implicit 
method is often used for solving the equations, in which every element communicates 
with every other element during one solution step and several iterations are necessary 
before compatibility and equilibrium are obtained (Brady and Brown, 2005; Pande et al., 
1990).  A wide range of material models are provided in Phase2 as shown in Figure 5.2 
(Rocscience, 2005). The program also offers an extensive range of support modelling 
options for geotechnical applications.  
Constitutive Models in Phase2
Plastic models
1) Mohr-Coulomb
2) Hoek-Brown 
3) Drucker-Prager
4) Generalized Hoek-Brown
5) Cam-Clay
6) Modified Cam-Clay
Elastic models
1) Isotropic
2) Transversely Isotropic
3) Orthotropic
4) Duncan-Chang Hyperbolic
 
Figure 5.2 Constitutive models in Phase2 (Rocscience, 2005) 
5.4 FLAC3D
      FLAC3D is a three-dimensional explicit finite-difference program for engineering 
mechanics computation. Since this is a finite difference program, it is not necessary to 
combine the element matrices into a large global stiffness matrix as in the finite element 
model. It regenerates finite equations at each step. Derivatives of governing equations are 
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 replaced directly by algebraic expressions written in terms of field variables at discrete 
points in space. The finite difference method is particularly suitable for large, non-linear 
problems which may involve collapse or progressive failure.  
   
      The basis for FLAC3D is the numerical formulation used by the two-dimensional 
program, FLAC (Itasca, 2005). FLAC3D extends the analysis capability of FLAC (Itasca, 
2005) into three dimensions. The first edition of FLAC3D (FLAC3D version 2.1) was 
issued in April 2002, the second edition (version 3.0) in September 2005, the third 
(version 3.1) in December 2006 and the fourth (version 4.0) in December 2009. In this 
thesis, FLAC3D version 3.1 has been used for the Finnfast case and FLAC3D version 4.0 
for the Hanekleiv case. The codes of FLAC3D for numerical simulation are given in 
Appendix B.   
 
Constitutive Models in FLAC3D
Plastic models
1) Drucker-Prager
2) Mohr-Coulomb
3) Ubiquitous-joint
4) Strain-Hardening/Softening
5) Bilinear Strain-Hardening/
Softening Ubiquitous-Joint
6) Double-Yield
7) Modified Cam Clay
8) Hoek-Brown
Elastic models
1) Isotropic
2) Transversely Isotropic
3) Orthotropic
Null model
 
Figure 5.3 Constitutive models in FLAC3D 
 
      The default calculation mode in FLAC3D is for static mechanical analysis, and 
dynamic mechanical analysis can be performed with user-specified acceleration, velocity 
or stress waves as either an exterior boundary condition or an interior excitation to the 
model. Effects of ground water flow or heat-transfer can be considered with the coupled 
fluid flow–mechanical and thermal–mechanical analysis. The groundwater flow analysis 
or a heat-transfer analysis can also be performed independent of the mechanical 
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 calculation. FLAC3D (Itasca, 2005) has twelve basic built-in constitutive models as 
shown in Figure 5.3. 
 
      FLAC3D also provides various structural element models for simulation of structural 
support including beams, cables, piles, shells, geogrids and liners. 
5.5 Numerical simulation 
5.5.1 Consideration of swelling effects  
      In numerical simulation, the effects of swelling pressure on the reinforced shotcrete 
rib at the Finnfast subsea tunnel as well as on the shotcrete at the Hanekleiv road tunnel 
are simplified from an engineering perspective as uniformly distributed load. This is 
realized in the model by applying the corresponding loads at the boundary between the 
weakness zone/fault zone and shotcrete. The swelling pressure measured in laboratory is 
not directly comparable with the in-situ swelling pressure. To quantify the swelling 
pressure on rock supports, numerical simulations have been carried out for the Finnfast 
case with different swelling pressures ranging from zero to 0.20MPa at an interval of 
0.04MPa. For the Hanekleiv road tunnel it was concluded that, in addition to the effect of 
the swelling process, gravitational collapse due to the very low internal friction played an 
important role in the development of instability (Bollingmo et al., 2007; Nilsen, 2011).  
In that case, a swelling pressure of 0.09 MPa (50% of the laboratory tested value) is 
applied on the shotcrete superimposed on the effects of strength reduction of the fault 
zone. 
 
      The simulation process and analysis of simulated results have been extensively 
explained in the attached papers. In the following, the selection of constitutive model and 
support structural elements and determination of parameters are discussed.  
5.5.2 Finnfast Subsea Tunnel 
      The Finnfast subsea tunnel is located 140 m below sea level, and the pore pressure 
redistribution during tunnel excavation needs to be considered in numerical analysis. 
Zero pore pressure is assumed within the shotcrete during tunnel excavation as all rock 
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 support in Norwegian subsea tunnels is drained (Blindheim et al., 2005). The typical time 
interval between each blasting round close to the weakness zone was one day, but it was 
four days where the instrumentation was installed in the weakness zone. The time scale 
of the analysis is much larger than the characteristic time of the coupled diffusion process 
(estimate of time to reach steady state) and drained behavior prevails after each blasting 
round. Therefore, the steady-state pore pressure field can be determined using the ground 
water flow analysis after each blasting round before the mechanical analysis. The fully 
coupled hydro-mechanical analysis with FLAC3D is often quite time consuming and not 
considered necessary for the case of Finnfast subsea tunnel. 
 
      Besides the weakness zone and side rock, rock support consisting of sprayed concrete 
is also simulated with the Mohr-Coulomb model (as one material layer) instead of any 
structural element models. Reinforced steel bars can then be installed in the sprayed 
concrete at the defined locations. The Mohr-Coulomb model is the conventional model 
used to represent shear failure in soils and rocks. Laboratory test results for concrete also 
match well with the Mohr-Coulomb criterion (Vermeer and de Borst, 1984). Detailed 
physical and mechanical properties of the weakness zone, side rock and the rock support 
of sprayed concrete used in the modelling are presented in Paper III. 
 
      The steel bars in the reinforced ribs of shotcrete are simulated as beam elements, the 
spiling bolts are simulated as pile elements (Trinh, 2006; Volkmann and Schubert, 2007), 
while the radial bolts and face bolts are simulated as cable elements due to different 
loading characteristics (Itasca, 2005). The beam element is a linearly elastic material with 
no failure limit, and it is used for structural support where bending and limited bending 
moments occur. It is possible to introduce a limiting plastic moment, or even a plastic 
hinge across which discontinuity in rotation may develop, between beam elements. The 
cable element can yield in axial tension or compression, but can not resist a bending 
moment. It is suitable for modelling structural-support in which tensile capacity is 
important, and for which axially directed frictional interaction with the rock or soil mass 
occurs. The pile element offers the combined features of the beam element and cable 
element. In addition to the structural behavior of a beam (including the ability to specify a 
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 limiting plastic moment), both a normal-directed (perpendicular to the pile axis) and a 
shear-directed (parallel with the pile axis) frictional interaction between the pile and the 
grid can be considered. 
 
      The geometrical parameters of these structural elements are calculated from 
geometrical dimensions. The mechanical parameters are mostly based on general data for 
rock support elements. For radial bolts and face bolts, it has been discussed below how to 
estimate the group stiffness kg and grout cohesive strength cg without laboratory pull-out 
tests. 
  
      The grout stiffness, kg, as discussed in the FLAC3D manual (Itasca, 2005), can be 
measured directly in laboratory pull-out tests. Alternatively, the stiffness can be 
calculated from a numerical estimate for the elastic shear stress, GW , obtained from an 
equation describing the shear stress at the grout/rock interface (St. John and Van Dillen, 
1983): 
   Dt
u
tD
G
G /21ln2/ 
'u W  
Where = relative displacement between the element and the surrounding material u'
            G  = grout shear modulus 
            D = reinforcing diameter 
            t = annulus thickness 
 
      Consequently, the grout shear stiffness, kg, is simply given by:  
 Dt
Gkg /21ln
2
 
S  
 
      In many cases, the reasonable value of kg is about one tenth of the estimated one 
based on the equation accounting for the relative shear displacement that occurs between 
the host-zone grid-points and the borehole surface (Itasca, 2005).   
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       The values for grout cohesive strength, cg, can be estimated from the results of pull-
out tests conducted at different confining pressures.  If such results are not available, they 
may be obtained from (Itasca, 2005): 
  peakg tDc WS 2  
Where  peakW  = peak shear strength 
            D = reinforcing diameter 
            t = annulus thickness 
 
      The peak shear strength can be estimated as one-half of the uniaxial compressive 
strength of the weaker of the rock and grout with perfect bonding between the grout and 
rock. Failure of reinforcing systems does not always occur at the grout/rock interface. 
Failure may occur at the reinforcing/grout interface, as is often true for cable reinforcing. 
In such cases, the shear stress is evaluated at this interface as: 
peakg Dc WS  
5.5.3 Hanekleiv Road Tunnel 
      In numerical simulation of the tunnel collapse at the Hanekleiv tunnel, the fault zone 
and side rock are also based on the Mohr-Coulomb model. Physical and mechanical 
properties of the original fault zone, the weakened fault zone (close to the tunnel 
periphery 10 years after excavation), the side rock and applied shotcrete used in the 
modelling have been given in Paper IV. Since the strength reduction is believed to have 
developed gradually inwards, there was a variation of strength reduction in the weakened 
fault zone. In numerical simulation, the conservative simplification has been made that 
the properties of the weakest material from the caved in rock mass are assumed for the 
whole weakened fault zone. 
      For simulating the thin support structure, e.g., thin shotcrete, the shell element or liner 
element have been introduced in FLAC3D. The shell element is used to model the 
structural support provided by any thin-shell structure in which the displacements caused 
by transverse-shearing deformations can be neglected. The liner element is used to model 
thin liners for which both normal-directed compressive/tensile interaction and shear-
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 directed frictional interaction with the host medium occurs. However, both the shell 
element and liner element behave as linearly elastic material with no failure limit. 
Rotation along the edges between shell elements or liner elements is possible by 
introducing the plastic-hinge lines. Since cracks in the shotcrete had been detected at the 
fault zone during the tunnel excavation, the post-failure behaviour of shotcrete needs to 
be considered. This can not be achieved with either the shell element or liner element as 
the elastic material. The FLAC3D grid based on the strain hardening/softening model is 
used for the rock support of shotcrete. This model is based on the Mohr-Coulomb model. 
The difference lies in the possibility that the cohesion, friction, dilation and tensile 
strength may harden or soften after the onset of plastic yield. In the Mohr-Coulomb 
model, these properties are assumed to remain constant.  
 
      Back-analysis shows the observed cracks in shotcrete during tunnel excavation were 
caused by tension. The tension failure of shotcrete is characterized by a gradual growth of 
cracks which join together and finally disconnect larger parts of the structure. The tensile 
strength of shotcrete is assumed to drop to zero when failure occurs. In numerical 
simulation, the shotcrete is in tensile failure when the plastic tensile strain reaches 20 ȝs, 
which is calibrated based on the grid size of model. The rate at which the tensile strength 
drops is controlled by the plastic tensile strain and the linear softening law for the tensile 
strength in FLAC3D (Itasca, 2009). 
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 6. Comments on Papers 
      The papers based on this PhD research are numbered I-IV and included in full length 
after this introductory part of the thesis. Brief comments on the papers and the main 
conclusions based on each paper are given in the following. 
6.1 Paper I Laboratory testing of swelling gouge from weakness zone –
principle and recent update
Published in Proceedings of 45th US Rock Mechanics/Geomechanics Symposium, San 
Francisco, USA, 2011 
 
      Paper I is discussing the two laboratory testing methods commonly used in Norway 
for quantifying the swelling potential of gouges: 1) testing of the swelling pressure of 
remoulded specimens, and 2) the so called free swelling test, measuring the volume 
increase of the clay powder after sedimentation in water.  
 
      The test apparatus for the swelling pressure test has been updated several times since 
it was introduced. However, the principle and main procedures have remained the same. 
The test procedure can be generally divided into stages of specimen preparation, 
compression, unloading and swelling. Figure 6.1 shows the test procedures belonging to 
each stage.    
 
      One requirement for the NTNU swelling pressure test is that the specimen volume 
has to be kept constant during the swelling process. If expansion of the specimen is 
allowed during the swelling process, the mobilized swelling pressure may significantly 
decrease. In the recent update of the apparatus, the specimen volume is kept constant by 
instantaneous compensation of the axial deformation during the swelling process, and a 
continuous logging of the swelling pressure is achieved. A height transducer and 
inductive sensor replace the dial gauges for measuring specimen height and pressure, and 
an automated step-motor replaces the manually operated wheel for worm gear adjustment. 
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 Specimen preparation 
Compression
Unloading
Swelling
4. The dry clay-material is exposed to the relative humidity of the laboratory air 
(40%) and laboratory temperature before it is milled (for approximately 15 min.) 
into powder by use of motorized ceramic laboratory mortar, and 20 g of the 
prepared powder is packed in a 20 cm2 cylindrical test cell;
5. The cylindrical test cell is installed into the test apparatus;
6. The balance lever is leveled via the adjustment screw;
7. The dial gauge for measuring the height (volume) of the specimen is installed;
8. The pressure ring and the dial gauge for measuring pressure are installed;
3. The separated clay fraction is dried in a laboratory drier at 105 oC / 110 oC;
2. The clay fraction with paricle size less than 20 ȝm is separated from the rest 
of the material based on the rate of sedimentation;
9. The specimen is compressed at 2 MPa for 24 hours by applying steel disc 
weights to the balance lever; 
10.The specimen is unloaded for at least 2 hours until no height (volume) change 
is registered by the dial gauge for the height (volume) of the specimen;  
1. The gouge material is dispersed in distilled water;
11.The container is filled with distilled water to a depth of approximately 10 mm;
12.The specimen volume is kept constant and the apparatus deformation is 
compensated with continuous adjustment of the worm gear connected to the 
pressure ring and balance lever as the swelling pressure is mobilized;
13.The mobilized swelling pressure is recorded continuously for 24 hours or until 
stabilised;   
Figure 6.1. Procedure of NTNU Swelling Pressure Test. 
 
      At the NTNU/SINTEF laboratory, more than 500 swelling pressure tests and more 
than 400 free swelling tests have been carried out. The test results are classified based on 
the guidelines given  by the Norwegian National Group of ISRM, NBG (NBG, 2000). 
The categories of low, moderate, high and very high in terms of swelling pressure for the 
NTNU/SINTEF testing account for 17.7%, 38.5%, 27.2% and 16.6% respectively, of all 
the tested samples. For the free swelling test, the categories of low, moderate, high and 
very high in terms of free swelling account for 8.0%, 33.6%, 34.8% and 23.6%, 
respectively, of all the tested samples.  
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      Free swelling vs. swelling pressure for the tested samples is illustrated in Figure 6.2. 
There seems to be a positive correlation between these two parameters for swelling 
pressure values below 1MPa. However, there is no obvious correlation when considering 
the whole dataset.  
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Figure 6.2. Laboratory test results – Free Swelling vs. Swelling Pressure. 
      It is concluded in the paper that both the swelling pressure and free swelling test 
methods are primarily appropriate as index tests, and that the swelling pressure measured 
in the laboratory is not representative of the in-situ swelling pressure on rock support. 
This is mainly for the following reasons:   
 
x The laboratory test results are based on a fixed clay amount of 20g.  
x The in-situ structure and compaction are damaged as a result of the sampling 
process and the sample preparation.  
x The clay fraction used in the tests represents the most active part of the gouge 
material, and the dry condition represents the highest swelling potential.  
x The in-situ swelling pressure on rock support to a great extent depends on the 
time between blasting and rock support installation, and also on the support 
deformation.  
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 6.2 Paper II Numerical analysis of effects of weakness zones on tunnel 
stability – 2D versus 3D  
Submitted to the 13th World Conference of the Associated Research Centers for the 
Urban Underground Space, November 2011 
 
      For modelling tunnel excavation and support through major weakness zones or faults 
where the geometry is complex, three-dimensional programs have been widely used. In 
most cases the geometry effects of tunnel and weakness zones/faults can not be 
considered in a two-dimensional model. Simulation results may be considerably 
deviating from reality if a two-dimensional program is improperly used. This is 
investigated based on two representative numerical programs in rock engineering, the 
two-dimensional finite element program, Phase2, and the three-dimensional finite-
difference program, FLAC3D. 
 
      Steep weakness zones with thickness 10 -15 m are quite typical and often represent 
considerable challenges for tunnel stability. In numerical analysis in this paper, the 
weakness zone is taken as vertical and assumed to be perpendicular to the tunnel 
alignment. As tunnel geometry is used a traditional Norwegian road tunnel design, an 
arched tunnel with excavation span of 12 m and theoretical cross section of excavation of 
about 65 m2 (Norwegian Public Roads Administration, 2004). The typical parameters of 
the weakness zone are taken as the same as for the Finnfast weakness zone (described in 
Grimstad, 2008). The properties of the side rock are typical for granitic gneiss, a 
predominant rock type in Norway. 
 
      Scenarios of different horizontal/vertial stress ratios and strengths of the weakness 
zone are included in the analysis. Simulation results for vertical displacements and 
yielded zones based on FLAC3D and Phase2 are compared. The influences of the initial 
stresses and strength of the weakness zone are discussed. The loading effects on rock 
support are compared for one selected senario where the maximum displacement is 
obtained. The material softening method (Swoboda, 1979; Swoboda et al., 1994) is used 
for defining the amount of deformation before installation of rock support in the Phase2 
simulation (Rocscience, 2005).  
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       It is found that for a major weakness zone with typical thickness, 2D modelling may 
result in a large deviation from the 3D results.  The lower strength of the weakness zone, 
the larger the deviation will be. For Phase2 to be realistically used for analyzing the 
effects of a weakness zone which is perpendicular to the tunnel alignment, the thickness 
of the zone has to be much wider than the tunnel span.    
6.3 Paper III Analysis of loading effects on reinforced shotcrete ribs 
caused by weakness zone containing swelling clay  
Published in Tunnelling and Underground Space Technology, 26 (2011): 472ದ480,
doi:10.1016/j.tust.2011.01.004
 
      In this paper, the loading effects on rock support of reinforced shotcrete ribs caused 
by a major weakness zone containing swelling clay is analysed based on monitoring 
results and numerical simulation.  
 
      Instrumentation was installed in one of the weakness zones containing swelling clay 
encountered during excavation of the Finnfast subsea tunnel. Comprehensive support was 
used when excavating through the zone (spiling bolts, shotcrete, radial bolts, face bolts 
and reinforced ribs of sprayed concrete) and, in addition, the length of the blast round 
was reduced. Instrumentation was installed at the reinforcement rib of sprayed concrete 
to measure the strain of reinforcement bar in the concrete rib, strain in concrete along the 
tunnel axis, the load from rock mass acting on the concrete rib and the ring stress in 
sprayed concrete. The variation of temperature due to shotcrete curing at the 
instrumentation location was also recorded. These data were collected by the Norwegian 
Geotechnical Institute (NGI) (Grimstad et al., 2008).  
 
      The laboratory test results based on distilled water gave swelling pressure between 
0.19MPa and 0.21MPa, and based on seawater between 0.16MPa and 0.18MPa. Free 
swelling 150%- 165% in distilled water and 110%-130% in seawater were recorded.  
 
      The three-dimensional finite difference program FLAC3D has been used for numerical 
analysis. The excavation process is explicitly simulated by changing corresponding 
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 ground elements into null elements. Application of shotcrete is simulated by changing the 
corresponding layers of null elements into elements with corresponding properties of 
shotcrete. Rock supports of spiling rock bolts, radial bolts, face bolts and steel bars in the 
reinforced ribs of shotcrete are simulated with the built-in structural elements based on 
different loading characteristics (Itasca, 2005). Pore pressure distribution during 
excavation is simulated after each blasting round before the mechanical response of 
ground is calculated. Effects of the swelling pressure on rock supports are simplified as 
uniformly distributed load. This is realized in the model by applying the corresponding 
loads at the boundary between the weakness zone and shotcrete for staged swelling 
pressures varied from 0.04MPa to 0.20MPa at an interval of 0.04MPa.  The flow chart of 
the whole modelling process is shown in Figure 6.3. 
 
Definition of rock mass property Set initial stress and pore pressureSet boundary condition
Initial state Evaluation of output
Excavation (staged)
Fluid calculation for pore pressure distribution
Application and definiation of rock support
Mechanical Calculation
Yes
No
End
Evaluation of output
Evaluation of output
Further 
excavation
Model generation
Start
 
Figure 6.3. Flow chart of modelling process of the Finnfast case. 
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       Simulation focuses on the response of the reinforced shotcrete rib at equilibrium state 
when the tunnel has advanced far from the weakness zone. This eliminates the influence 
of temperature variation due to shotcrete curing. The long term loading on rock support at 
this state is compared with the stabilized instrumented data. The paper concludes that 
swelling pressure may considerably increase the loading on rock support. For a swelling 
pressure on rock support at the instrumentation location of 0.16 MPa, many simulation 
results are comparable with the monitoring results. It is also concluded that the loading 
on the sprayed concrete is far less than its compressive strength, even for rock support 
without the reinforcement sprayed concrete rib. This suggests that such zones may be 
excessively supported when the swelling clay is not very active. The loading on rock 
supports is much higher close to the excavation face compared with the instrumented 
location. For reliable stability control through such zones, the instrumentation should be 
installed as close to the excavation face as possible.  
6.4 Paper IV Numerical analysis of rock fall at Hanekleiv road tunnel  
Accepted by Bulletin of Engineering Geology and the Environment, October 2011 
 
      This paper describes the numerical analysis of the rock fall at the Hanekleiv road 
tunnel, one of several recent failure cases in weakness zones/faults containing swelling 
clay.  
 
      The rock fall occurred ten years after completion of the tunnel, and the volume of 
caved in material was estimated to be 250 m3. It was concluded by Bollingmo et al. (2007) 
and Nilsen (2011), that in addition to the effect of swelling, gravitational collapse due to 
the very low internal friction in this case played an important role in the development of 
instability. 
 
      Clay samples were collected from the caved in material as well as from the clay 
fillings of the distinct joints at one cross passage intersecting the fault zone. Swelling clay 
(smectite) was identified based on X-ray diffraction analysis. The clay fraction with grain 
size less than 20 ȝm accounted for only 14% of the weight. The swelling pressure was 
found to be 0.18 MPa and the free swelling 150% (Bollingmo et al., 2007; Nilsen, 2011).  
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      The finite difference code, FLAC3D (Itasca, 2009), was used for numerical simulation 
of the Hanekleiv case. The time for the instability to develop was 10 years, indicating a 
long lasting, gradual process of mobilization of swelling pressure and strength weakening 
of the fault zone. This process is hard to define explicitly, and it has been numerically 
simulated as three stages of mechanical states. The first stage represents tunnel 
excavation without consideration of effects of swelling and strength reduction of the fault 
zone. The swelling pressure on the rock support of shotcrete is considered at the second 
stage. Combined effects of strength reduction of the fault zone and swelling are simulated 
at the last stage. Alternative supports of shotcrete rib and concrete lining are simulated 
for estimating rock support requirements of this zone.  The flow chart of the modelling of 
the Hanekleiv case is shown in Figure 6.4. 
 
Definition of rock mass property Set initial stressSet boundary condition
Initial state Evaluation of output
Mechanical Calculation Stage I
Excavation, Application and Definition of rock support
Mechanical Calculation Stage II
Swelling pressure on rock support considered 
Mechanical Calculation Stage III
Combined effects of strength reduction of the fault zone and swelling 
id d
End
Evaluation of output
Evaluation of output
Model generation
Start
Evaluation of output
Alternative support?
No
Yes
 
Figure 6.4. Flow chart of modelling process of the Hanekleiv case.       
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       Both the detected cracks during tunnel excavation and the tunnel collapse are verified 
with numerical simulation. The swelling pressure has been found to have had a limited 
influence on the shotcrete, while the strength reduction played an important role in the 
development of instability. According to the numerical analysis, rock support with 
reinforced shotcrete ribs could not have fully prevented tunnel instability. It could have 
prevented the rock fall, but cracks between the shotcrete ribs indicate potential instability. 
A 25 cm thick concrete lining, in addition to the concrete, would have reduced the 
cracked area considerably. It is concluded that special consideration is required for rock 
support under the combined effects of swelling and strength reduction of rock mass.  
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 7. Conclusions and Recommendations 
       The main research of this thesis is represented by the scientific papers in section 2. 
Important aspects of each paper have been discussed in Chapter 6. In the following, the 
main conclusions and recommendations based on these papers are given. 
7.1 Conclusions 
x It is hardly possible to characterize the complex condition of a weakness zone 
containing swelling clay based on an empirical classification system (e.g. Q-
system). In such challenging ground special analyses should be performed to 
evaluate the situation with respect to tunnel stability and required rock support.   
x For characterizing the swelling potential of gouge materials from weakness 
zones/faults, the NTNU swelling pressure and free swelling laboratory tests have 
been extensively used, and the resulting data represent a large database. There is 
however no obvious correlation between swelling pressure and free swelling in 
terms of the whole dataset. 
x The laboratory results of swelling pressure and free swelling tests indicate the 
relative swelling potential, which is valuable for evaluation of potential stability 
problems and security measures. The two NTNU test methods are appropriate to 
use as index tests. The swelling pressure measured in the laboratory is not 
representative of the in-situ swelling pressure on rock supports. 
x In numerical analysis, the geometry effects of tunnel and weakness zones/faults in 
most cases can not be realistically considered in a two-dimensional model. A 
three-dimensional model should normally be used for such complicated 
engineering mechanical computation. 
x For a two-dimensional program, e.g. Phase2, to be realistically used for analyzing 
the effects of a weakness zone which is perpendicular to the tunnel alignment, the 
thickness of the zone has to be much wider than the tunnel span. This is quite 
unusual for the road tunnels with a typical excavation span of 10 - 12 m.  
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 x The loading on the sprayed concrete in Finnfast weakness zone has been found to 
be far less than its compressive strength, even for rock support without sprayed 
concrete rib. This suggests that such zones may often be excessively supported 
when the swelling clay is not very active.  
x In the simulation of the Finnfast case it is found that the loading on rock support 
is much higher close to the excavation face, which is the area more critical in 
terms of tunnel stability, than the instrumented location further behind. For 
reliable stability control of excavation through weakness zones/faults, the 
instrumentation should be installed as close to the excavation face as possible. 
x The Finnfast case illustrates that uncertainties may exist in the instrumentation 
results for weakness zones due to undulations or depressions of the excavated 
tunnel profile, local flaws in the sprayed concrete attaching to instrumentation 
equipments and voids created when spraying through reinforcement steel bars. 
x Numerical simulation of the Hanekleiv case shows that the strength reduction 
played an important role in the development of instability, while the swelling 
pressure was found to have a limited influence on the rock support. 
x Numerical analysis at the Hanekleiv fault zone indicates that rock support with 
reinforced shotcrete ribs could not have fully prevented the instability. A 25 cm 
thick concrete lining, in addition to the concrete, would have however reduced the 
cracked area considerably. 
7.2 Recommendations 
      For rock support estimation in weakness zones/faults containing swelling clay, it is 
recommended to follow the flow chart shown in Figure 7.1 as supplement to empirical 
design. Pure empirical design is not sufficient since swelling effects are not fully 
accounted for in the Q-system or other commonly used rock mass classification systems.   
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 Site 
Investigation
Simulation Results
Verification of in-situ information
and observed phenomena
Laboratory Tests
1. Identification of potential swelling minerals 
(XRD, DTA, etc.)
2. Quantification of swelling potential 
(Swelling Pressure Test, Free Swelling Test)
Numerical Simulation
1. Without consideration of swelling pressure 
on rock support
2. With swelling pressure on rock support
Gouge samples collection
Geometry  
In situ stress
Groundwater 
Excavation sequence
Rock support
etc.
Collection of intrumentation data
Observation of phenomena 
Estimation of in situ swelling 
pressure on rock support 
Model 
Generation
Estimation of required rock support/engineering measure
 
Figure 7.1 Flow chart of rock support estimation in weakness zones/faults containing swelling clay. 
 
      Site investigation, laboratory testing and numerical simulation are integrated in the 
recommended procedure of the flow chart in Figure 7.1. The risk of other unfavourable 
conditions (e.g., strength reduction, high water pressure on rock support, squeezing) 
should also be carefully examined and if applicable included in analysis. Due to the 
complexity of the swelling process, the analysis can be focused on selected equilibrium 
mechanical states, particularly the one representing the long term loading on rock support. 
Three-dimensional numerical analysis is to be used for such complicated geometry and 
the created model should reflect the in-situ situations. 
   
      Instrumentation should be installed for difficult zones as close as possible to the 
tunnel excavation face. This will also provide data for back analysis and further improve 
the understanding of rock support in such zones. High quality of instrument installation is 
essential for obtaining reliable instrumentation data. Long term, regular check of signs of 
instability, e.g. accelerated movement of tunnel periphery, cracks in shotcrete, is very 
important for stability control. Simulation results should be able to verify instrumentation 
results and observation of signs of instability in the tunnel contour.   
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       Further research should be carried out for more cases of weakness zones/faults 
containing swelling clay. This will greatly enrich the knowledge on tunneling through 
such ground. In a longer perspective, swelling effects of weakness zones may be able to 
be accounted in rock classification systems when substantial experiences from tunneling 
in such zones are gained.  
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ABSTRACT: Major weakness zones or faults containing heavily crushed and altered rock mixed with gouge material, 
particularly when the gouge contains swelling clay minerals, represent some of the most difficult conditions in hard rock tunnels. 
The gouge is normally highly disturbed when a mixture of clay and rock fragments of various sizes is collected, and it is therefore 
very difficult to obtain usable undisturbed samples of gouge material from a weakness zone for laboratory testing. In Norway, a 
laboratory test method based on measuring the swelling pressure of remoulded specimens has been extensively used since it was 
introduced several decades ago at NTNU. The details of the test apparatus and procedure, recent update, test results and 
significance for tunnel stability are discussed in this paper. Another test used at NTNU to quantify the relative swelling potential, 
the free swelling test, is also briefly discussed. 
 
 
1. INTRODUCTION 
Problems in tunnels and underground excavations 
caused by swelling have been widely recognized, as well 
as the need for a test to determine the swelling behavior. 
The ISRM Commission on Swelling Rock has 
recommended a series of test methods to determine the 
maximum axial swelling stress, the axial and radial free 
swelling strain, and the axial swelling stress as a 
function of axial swelling strain [1, 2]. Recent laboratory 
studies on swelling have mainly been focused on the use 
of triaxial tests [3, 4, 5]. These methods are however 
mainly for swelling rocks (argillaceous and rocks 
containing anhydrite). The most difficult conditions in 
Norwegian hard rock tunnels are related to major 
weakness zones or faults with heavily crushed and 
alterted rock mixed with gouge material containing 
swelling clay minerals. Some cases of tunnel instability 
have been encountered in hydropower tunnels in such 
zones [6, 7]. In several recent cases, failures occurred, 
even though precaution measures had been taken [8, 9]. 
It is very difficult to obtain usable undisturbed samples 
of gouge material from a weakness zone for laboratory 
testing, because the gouge is normally highly disturbed 
when a mixture of clay and rock fragments of various 
sizes is collected. The ISRM suggested that the 
remoulded specimens may be used when the sample is 
too weak or too broken to allow preparation of 
undisturbed specimens, as is usually the case with joint-
filling materials [10]. In Norway, a laboratory test 
method based on measuring the swelling pressure of 
remoulded specimens [11] has been extensively used 
since it was introduced several decades ago at NTNU. 
This method and recent update of the apparatus will be 
discussed in detail in this paper. In addition, the free 
swelling test will be briefly discussed.  
2. NTNU SWELLING PRESSURE TEST 
2.1. Apparatus
The test apparatus used to measure swelling pressure has 
been updated several times, but the principle and main 
procedures have remained the same. The traditional 
apparatus is shown schematically in Figure 1.   
 
Fig. 1. Sketch of traditional NTNU apparatus for measuring 
swelling pressure (based on [11]).  
The apparatus consists of the following components as 
shown in Figure 1: 
 
1) Balance lever, with the ratio of 1:10.  
2) Dial gauge with a sensitivity of 0.001 mm to 
measure the height (volume) of the specimen.  
3) Adjustment screw.  
4) Container. 
5) Cylindrical test cell. 
6) Steel base plate of the container.  
7) Wheel.  
8) Frame. 
9) Base. 
10) Worm gear. 
11) Pressure ring . 
12) Dial gauge with a sensitivity equivalent to 
0.05tons/m2 to measure the pressure. 
2.2. Test procedure 
The standard procedures for measuring swelling pressure 
are as follows [12]:  
 
1. The gouge material is dispersed in distilled 
water. 
2. The clay fraction with particle size less than 20 
ȝm is separated from the rest of the material 
based on the rate of sedimentation (e.g., particles 
of 20 ȝm settle 25 cm in 11 minutes and 55 
seconds in distilled water (20 oC)).   
3. The separated clay fraction is dried in a 
laboratory drier at 105 oC / 110 oC. 
4. The dry clay-material is exposed to the relative 
humidity of the laboratory air (40%) and 
laboratory temperature before it is milled (for 
approximately 15 min.) into powder by use of 
motorized ceramic laboratory mortar, and 20 g 
of the prepared powder is packed in a 20 cm2 
cylindrical test cell. 
5. The cylindrical test cell is installed into the test 
apparatus;  
6. The balance lever is leveled via the adjustment 
screw; 
7. The dial gauge for measuring the height 
(volume) of the specimen is installed; 
8. The pressure ring and the dial gauge for 
measuring pressure are installed; 
9. The specimen is compressed at 2 MPa for 24 
hours by applying steel disc weights to the 
balance lever;  
10. The specimen is unloaded for at least 2 hours 
until no height (volume) change is registered by 
the dial gauge for the height (volume) of the 
specimen;   
11. The container is filled with distilled water to a 
depth of approximately 10 mm; 
12. The specimen volume is kept constant and the 
apparatus deformation is compensated with 
continuous adjustment of the worm gear 
connected to the pressure ring and balance lever 
as the swelling pressure is mobilized; 
13. The mobilized swelling pressure is recorded 
continuously for 24 hours or until stabilised;   
 
Generally, the NTNU swelling pressure test can be 
divided into specimen preparation, compression, 
unloading and swelling as illustrated in the principle 
sketch in Figure 2. 
 
Fig. 2. Sketch of NTNU swelling pressure test principle (based 
on [13]). 
 
2.3. Recent update of test apparatus 
One basic requirement for the NTNU swelling pressure 
test is that the specimen volume has to be kept constant 
during the swelling process. If expansion of the 
specimen is allowed during the swelling process, the 
mobilized swelling pressure may significantly decrease. 
This is illustrated in Figure 3, which shows the swelling 
pressure as a function of expansion for some swelling 
clays in Norway.  
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Fig. 3. Swelling pressure versus specimen expansion [14]. 
        
 
Fig. 4. Updated apparatus for testing swelling pressure.   
As described previously in the traditional test procedure, 
the specimen volume is kept constant by continuous 
adjustment of the worm gear (connected to the pressure 
ring and balance lever) to compensate for the apparatus 
deformation when the swelling pressure is mobilized. In 
the recent update of the test apparatus, a height 
transducer and inductive sensor replace the dial gauges 
for measuring specimen height and pressure, and an 
automated step-motor replaces the manually operated 
wheel for worm gear adjustment. This update, together 
with the in-house developed software, makes it possible 
to instantaneously compensate for the deformation of the 
apparatus to keep the specimen volume constant, and to 
get an automated continuous logging of the swelling 
pressure. Figure 4 shows the updated apparatus at the 
NTNU/SINTEF laboratory. 
3. NTNU FREE SWELLING TEST 
The clay fraction with particle size less than 20 ȝm is 
also used in the free swelling test. 10 ml of loosely 
packed dry clay powder is drizzled into a 50 ml 
measuring cylinder filled with distilled water. The 
volume occupied by the clay powder after sedimentation 
is recorded, and the free swelling is calculated as the 
percentage of the original powder volume. 
 
Free swelling index number ( ): Fs
0
1
V
VFs   
 = Volume of clay after sedimentation 
 = Original volume of dry clay powder, 10 ml 
1V
0V
4. TEST RESULT 
The NTNU swelling pressure test and free swelling test 
have been extensively used in Norway for swelling 
gouge materials. The principle of the NTNU swelling 
pressure test is almost equivalent to the method for 
determining maximum axial swelling stress for swelling 
rocks as suggested by ISRM. Instead of using the sample 
representative of the in situ material, the NTNU method 
however is based on remoulded specimens consisting of 
dry clay powder. The reason for this is that it is very 
difficult to prepare samples representative of the in situ 
gouge material. The use of remoulded specimens 
represents a uniform, reproducible way for laboratory 
testing of the swelling gouge. 
 
 
Fig. 5. Numbers of tested samples in each category of swelling 
pressure.   
The Norwegian National Group of ISRM, NBG, defines 
swelling pressure below 0.1 MPa as low, 0.1 - 0.3 MPa 
as moderate, 0.3 - 0.75 MPa as high and above 0.75 MPa 
as very high based on this type of test [15, 16]. More 
than 500 gouge samples have so far been tested at the 
NTNU/SINTEF laboratory and the results are registered 
in a database. The maximum value of swelling pressure 
that has been measured is more than 4 MPa. Figure 5 
shows the number of tested samples in each category of 
swelling pressure based on the definition by NBG. 
Figure 6 shows the accumulative curve of the laboratory 
test results of swelling pressure. The categories of low, 
moderate, high and very high in terms of swelling 
pressure account for respectively 17.7%, 38.5%, 27.2% 
and 16.6% of all the tested samples.     
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Fig. 6. Accumulative curve of laboratory test results for 
swelling pressure.   
 
 
Fig. 7. Numbers of tested samples in each category of free 
swelling.   
Compared with the swelling pressure test, the free 
swelling test is easier to carry out. It gives another index 
for relative swelling potential. NBG defines free 
swelling below 100% as low, 100% - 140% as moderate, 
140% - 200% as high and above 200% as very high. 
More than 400 gouge samples have so far been tested at 
the NTNU/SINTEF laboratory based on this test. The 
maximum recorded value is higher than 850% while the 
minimum value is as low as 60%. Figure 7 shows the 
number of the tested samples in each category of free 
swelling based on the definition by NBG. Figure 8 
shows the accumulative curve of the laboratory test 
results. The categories of low, moderate, high and very 
high in terms of free swelling account for respectively 
8.0%, 33.6%, 34.8% and 23.6% of all the tested samples. 
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Fig. 8. Accumulative curve of laboratory test results of free 
swelling.   
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Fig. 9. Laboratory test results – Free Swelling vs. Swelling 
Pressure. 
Figure 9 shows the laboratory test results of swelling 
pressure and corresponding free swelling of the tested 
samples. It seems to be a positive correlation between 
the test results of these two test methods for swelling 
pressure values below 1MPa. However, there is no 
obvious correlation when considering the whole dataset.  
Since the swelling pressure and free swelling tests are 
based on the separated clay fraction with particle size 
less than 20 ȝm, the amount of the clay fraction in the 
gouge sample also needs to be considered. Figure 10 
shows the amount of the clay fraction as the percentage 
of the weight of the gouge material for all tested 
samples. There are approximately 40% and 70% of 
gouge samples with the clay fraction (< 20 ȝm) 
respectively less than 10% and 20%. More than 95% of 
the tested gouge samples have a clay fraction (< 20 ȝm) 
less than 50%.   
 
 
Fig. 10. Accumulative curve of amount of clay fraction (< 20 
ȝm) as the percentage of  the weight of the gouge material. 
It should be emphasized that both the swelling 
pressure and free swelling test methods are 
primarily used as index tests. The swelling pressure 
measured in the laboratory is not representative of 
the in situ swelling pressure on rock supports. The 
main reasons for that are: 
x The laboratory test results are based on a fixed 
clay amount of 20g.  
x The in situ structure and compaction are 
damaged as a result of the sampling and 
preparation.  
x The clay fraction used in the tests represents the 
most active part of the gouge material, and the 
dry condition represents the highest swelling 
potential.  
x The in situ swelling pressure on rock supports to 
a great extent also depends on the time between 
blasting and rock support installation and the 
support deformation.  
 
Previous research carried out at NTNU suggests that the 
swelling pressure in situ is often lower than the 
laboratory measured value, and in some cases only 50% 
[17].  
5. RELEVANCY OF TEST RESULTS FOR 
TUNNEL STABILITY 
The laboratory results of swelling pressure and free 
swelling tests indicate the relative swelling potential, 
which is valuable for evaluation of potential stability 
problems and security measures. This is illustrated by 
the following recent cases of instability: 
When swelling pressure and free swelling have been 
measured to be low in the laboratory tests, stability 
problems due to swelling very seldom occurred. Stability 
problems and security measures should be emphasized 
when high values of swelling pressure and free swelling 
are measured, especially when the clay content (< 20 
μm) is also high. The collapse in the Oslofjord tunnel in 
December 2003 (3.5 years after project completion) 
illustrates this. Total volume of the rock fall from the 
steep clay zone was estimated to be around 40 m3, of 
which 4 m3 went through the lining [9]. The gouge 
samples were laboratory tested and found to be highly 
active, with swelling pressure up to 0.55 MPa and free 
swelling up to 167%. The fraction with particle size less 
than 20ȝm constituted 34% of the gouge material. 
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0 10 20 30 40 50 60 70 80 90 100% % % % %% %%% % Serious problems may occur even if the clay is classified 
as moderately active. However, it should be noted that 
swelling often is not the only cause, and sometimes even 
not the main cause of instability. On December 25th 
2006 (10 years after project completion), rock mass 
estimated to 250 m3 collapsed along a section of about 
25 m in the Hanekleiv tunnel [9]. Swelling pressure of 
0.16 MPa was measured. The swelling process and 
reduced rock strength due to weathering were concluded 
to be the main causes of the collapse. In the Atlanterhavs 
tunnel, cave-in progressed several meters above the roof 
during tunnel excavation in February 2008 [8, 9]. The 
measured swelling pressure was 0.1 MPa and the free 
swelling 135%. The clay content (< 20 ȝm) was as low 
as 5%. It was concluded that a combination of large 
water inflow at high pressure and very poor rock mass 
were the main causes of instability. These incidents 
show that moderately active clay combined with other 
unfavourable conditions always should be carefully 
evaluated.   
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ABSTRACT 
For tunneling through major weakness zones or faults where the geometry is complex, three-dimensional 
programs have been widely applied. Two-dimensional programs are fast and very convenient to use, but 
simulation results may considerably deviate from reality if a two-dimensional program is improperly used. 
This is discussed in the paper based on two representative numerical programs in rock engineering, Phase2 
and FLAC3D. It is concluded that, for Phase2 to be realistically used for analyzing the effects of a weakness 
zone perpendicular to the tunnel alignment, the thickness of the zone has to be much wider than the tunnel 
span. This is quite unusual for “normal” tunnel excavation spans.  In addition, it is difficult to define the 
deformation before the installation of rock support when using Phase2 for tunneling through weakness 
zones.  
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1. Introduction 
 
Numerical simulation is a powerful tool in rock engineering planning and design, 
particularly when difficulties and uncertainties are expected in the underground 
excavation of civil and mining engineering. In Norway, the tunnels are mainly located in 
hard, Precambrian rocks, and major weakness zones or faults represent one of the most 
difficult condtions (Blindheim et al., 2005; Nilsen and Palmstrøm, 2009; Nilsen, 2011). A 
three-dimensional program (e.g. FLAC3D, Itasca, 2005) is normally perferred for such 
complicated engineering mechancis computation. Two-dimensional programs (e.g. 
Phase2, Rocscience Inc., 2005) have also been used sometimes (Grimstad et al., 2008, 
NGI; Trinh et al., 2010) for its simplicity. FLAC3D (Itasca, 2005) is a three-dimensional 
explicit finite-difference program for engineering mechanics computation. The basis for 
FLAC3D is the numerical formulation used by the two-dimensional program, FLAC 
(Itasca, 2005). FLAC3D extends the analysis capability of FLAC into three dimensions. 
Phase2 is a two-dimensional finite element program, and it is widely used for plane strain 
analysis and axis-symetric analysis. 
 
Geometry effects of tunnel and weakness zone /fault in most cases can not be considered 
in a two-dimensional model. The initial state of stress at the weakness zone is normally 
quite anisotropic, and tunneling in weakness zones or faults should not be simplified as 
an axis-symmetric problem (Panet M, 1993). It can be simplified as the plane strain 
problem when the orientation of the weakness zone is parallel to the tunnel alignment. 
The approximation in other cases by application of plane strain analysis may be 
considerably deviated from reality. The extent of deviation/error is studied in this paper 
by comparison of the numerical simulation with Phase2 and FLAC3D. 
2. Model Description 
Based on experience from several projects, a major weakness zone in Norwegian tunnels 
has a typical thickness of 10 – 15m and is in most cases steep. It often represents high 
risk of instability. In the numerical simulation in this paper, the weakness zone is taken as 
vertical and perpendicular to the tunnel alignment. The thickness of the weakness zone up 
  
to 30m has been considered. The weakness zone and side rock are simulated based on the 
Mohr-Coulomb model with elasto-perfectly plastic stress-strain law. Physical and 
mechanical properties of the weakness zone and the side rock used in the modeling are 
presented in Table 1. The properties of the weakness zone are taken as the same as for the 
weakness zone described in Grimstad (2008). The properties of the side rock are typical 
for granitic gneiss, one of the predominant rock types in Norway. The initial vertical 
stress is assumed to be  caused by gravity, 2 MPa at the tunnel location, and considered 
as one of the principal stresses. Different sets of ratios of horizontal stresses to vertical 
stress are used in numerical analysis. 
 
The analysis is based mainly on traditional Norwegian road tunnel design, an arched 
tunnel with excavation span of 12m and the theoretical cross section of excavation of 
about 65 m2 (Norwegian Public Roads Administration, 2004). The tunnel geometry is 
symmetrical and half of the tunnel is considered for the FLAC3D model as shown to the 
left of Figure 1. Except the boundary of the model representing the symmetry plane of the 
tunnel, the rest of boundaries are far away from the interested area. The model size is 
 (mmm 1509349 uu ZYX uu ), in which the longest axis represents the tunnel alignment. 
Though very fine mesh can hardly be achieved for a three-dimensional model in practice, 
the mesh near the middle cross section of the weakness zone is made denser for higher 
simulation accuracy. Each boundary is fixed in the direction perpendicular to it, except 
the top boundary where the pressure caused by the gravity of rock overburden is applied. 
The two-dimensional model based on Phase2 is shown to the right of Figure 1. Half of the 
tunnel is generated and the boundary conditions are the same as used in the three-
dimensional model.  The element type is the three nodded triangle and the mesh is made 
very fine to minimize the mesh influence. 
3. Simulation Results 
3.1 Simulation results of FLAC3D
Long-round drill and blast method is assumed for tunnel excavation and the tunnel 
portion in the model is deleted/excavated in one stage. Figure 2 shows the yielded zone in 
  
the middle cross-section of the weakness zone of alternative widths when the maximum 
horizontal stress is perpendicular to the tunnel alignment (kH = 1.5, kh = 0.8). The depth 
of yielded area above the crown ranges from 4.8 m to 8.7 m, while the depth of the 
yielded area below the invert ranges from 7.0 m to 9.4 m. Though the estimated depth 
depends also on the grid dimension, this illustrates that the yielded zone is highly 
influenced by the width of the weakness zone. For quantitative comparison of simulation 
results, the displacements are focused in the further analysis.  
 
Figures 3-5 shows the vertical displacement at the crown and at the middle of invert in 
the middle cross-section of weakness zone of alternative widths when the maximum 
horizontal stress is perpendicular to the tunnel alignment. Scenarios of alternative ratios 
of the horizontal stress to vertical stress (kH = 1.5, kh = 0.6, 0.8, 1, 1.2; kH = 1, 1.2, 1.7, kh 
= 0.8) and different reduced strength of weakness zones (Cohesion: 0.2 MPa, Friction 
angle = 20o; Cohesion: 0.2 MPa, Friction angle = 25o) have been simulated.  
 
All simulated results show that the influence of the width of weakness zone is substantial 
when the width of weakness zone is in the range of 10 m - 30 m. The simulated 
displacements at the crown for a 10 m wide weakness zone are less than 40% of the 
simulated displacement for the infinite weakness zone, in some case, as low as 23%. The 
simulated displacements at the crown for a 20 m wide weakness zone are mainly around 
half of the simulated displacement for the infinite weakness zone. When the width of 
weakness zone is 30m, the simulated displacements at the crown are at least 30% lower 
than for the infinite weakness zone. Though the displacements at the invert for weakness 
zones of different widths are closer to the infinite weakness zone compared to 
displacement at the crown, the displacements are still quite different between the 10 m – 
20 m wide weakness zones and the infinite weakness zone. The in-situ stress in the tunnel 
axis direction has much less impact on simulation results.  If the strength of the weakness 
zone is reduced, the difference of the displacements between the weakness zones with 
limited width and the infinite weakness zone further increases.  
 
  
For maximum horizontal stress parallel with the tunnel alignment, simulated results of 
the vertical displacement at the crown and at the middle of invert in the middle cross-
section of weakness zone of alternative widths are as shown in Figures 6-8. The 
displacements are generally smaller than those simulated for the maximum horizontal 
stress perpendicular to the tunnel alignment. The displacements at the crown for a 10 m 
wide weakness zone are less than 45% of the displacement for the infinite weakness zone. 
The displacements at the crown for a 20 m wide weakness zone are often close to half of 
the simulated displacement for the infinite weakness zone. When the width of weakness 
zone is 30 m, the displacements at the crown in many cases are more than 30% lower 
than the infinite weakness zone. At the invert, the displacements for the 10 m – 30 m 
wide weakness zone are much closer to the simulated displacements for the infinite 
weakness zone compared with the early cases where the maximum horizontal stress is 
perpendicular to the tunnel alignment. 
3.2 Simulation results of Phase2
When the width of weakness zone is infinite, it can be simplified as a plane strain 
problem and the two-dimensional program Phase2 can be used. Figure 9 shows the 
yielded zone above the crown and below the invert simulated by Phase2 (maximum 
horizontal stress perpendicular to the tunnel alignment, kH=1.5, kh=0.8). The yielded 
depth is 8.4 m above the crown and 10.1 m below the invert, which is slightly different 
from the simulated results with FLAC3D for the infinite weakness zone. Table 2 gives the 
values of simulated displacements with Phase2 for assumed different horizontal stresses, 
strength of weakness zone and tunnel geometry. This is compared with the displacements 
at the crown and invert for the infinite weakness zone and 15 m wide weakness zone 
simulated by FLAC3D as shown in Figures 10 and 11. The simulated vertical 
displacements at the crown for the infinite weakness zone based on both numerical 
programs are quite similar. The maximum difference is no more than 10% of the total. 
The displacements at the invert for infinite weakness zone from the FLAC3D are however 
always higher, sometimes almost 1/3 higher than the results from the Phase2. Such 
differences of simulation results may be mainly due to the different solution methods 
(and thus the different stress paths) used in these two programs. For plasticity analysis, 
  
FLAC3D checks the element state (elastic or plastic) and stresses are corrected by using 
the plastic flow rule in each cycling step, while in Phase2, an elastic solution is first 
obtained and then the stress state in each element is checked against the yield criteria. Cai 
(2011) found that the simulated results may be quite different when different solution 
methods are used, particularly when the tensile strength is low as the case for weakness 
zones. The grid geometry may also induce uncertainties of simulation results, since it can 
hardly be finely refined for a three-dimensional model. 
 
If the simulation results based on Phase2 are wrongly applied for the narrow weakness 
zones, large errors may be the result due to the effects of the width. For the typical 15 m 
wide weakness zones range, the displacement at the crown can be much overestimated (2 
- 3 times) compared with the one simulated with FLAC3D (Figures 10 and 11). In some 
cases, the displacements at the invert for 15 m wide weakness zone simulated with 
FLAC3D are however also comparable with the results based on Phase2. This is mainly 
due to the different solution methods of these two numerical programs, and illustrates the 
unreliability of using Phase2 for narrow weakness zones.   
 
In the following, loading effects on rock support based on these two programs are 
compared for a 15 m wide weakness zone as an illustration.    
3.3. Loading Effects on Rock Support
As early as 1980’s, Sakurai (1983) suggested that the stability of tunnels can be assessed 
on the basis of the strain in the rock mass surrounding the tunnel. Hence the scenario 
where the maximum displacements are obtained in early simulations is selected for the 
analysis of loading effects on rock support (Maximum horizontal stress perpendicular to 
the tunnel alignment: kH =1.5, kh =0.8, Reduced strength of weakness zone: cohesion 0.2 
MPa, friction angle 20o). A typical width of 15 m is taken for the weakness zone and the 
blasting round in the weakness zone is taken as 3 m. The middle section of the 15 m 
weakness zone has been assumed to be representative of the middle section of one 
blasting round. 20 cm rapid hardening sprayed concrete (E= 20 GPa, Poisson’s ratio 0.2) 
  
is applied after each blasting round for the whole blasted section. Linearly elastic 
behavior is assumed for the sprayed concrete in both numerical programs.   
  
The tunnel portion in the model of FLAC3D is deleted/excavated according to the 
excavation sequence, and the rock support of sprayed concrete is simulated as ‘shell 
structural element’ (Itasca, 2005) installed immediately after each blasting round. The 
final displacement at the crown for this 15 m wide weakness zone is -2.04 cm if no rock 
support is applied (Figure 5 – A8). In the middle of the blasting round, the vertical 
displacement at the crown is -0.81 cm before the sprayed concrete is installed, which 
accounts for 39.7% of the final displacement without rock support. The corresponding 
simulated average axial stress in the sprayed concrete is 8.6 MPa. At the excavation face 
of the blasting round, the displacement at the crown is only -0.44 cm before the sprayed 
concrete is installed, which accounts 21.6% of the final displacement without rock 
support. The simulated axial stress is 15.0 MPa. 
For rock support estimation in Phase2, several approaches, e.g. material softening, 
internal pressure reduction, load splitting (Rocscience Inc., 2005) can be used. To define 
the amount of deformation before the installation of sprayed concrete is difficult here. 
There are no observed field values and developed relationships of defining the 
longitudinal displacement profile (e.g. Panet,1993; Carranza-Torres and Fairhurst, 2000; 
Vlachopoulos1 and Diederichs, 2009) are based on the assumption of uniform ground 
and not appropriate for this case. To make the simulation results comparable, the same 
percentages of the displacements before installation of sprayed concrete of the final 
displacements without rock support as obtained by FLAC3D are assumed.  
 
The vertical displacement at the crown without any rock support simulated with Phase2 is 
-5.92 cm. Thus, the displacements at the crown before installation of rock support as 
described above are calculated as -2.35 cm (39.7%) and -1.28 cm (21.6%). This can be 
achieved in the simulation based on the material softening method (Swoboda, 1979; 
Swoboda et al., 1994). The elasticity modulus of the material inside the excavation is 
progressively reduced over a number of stages until the material is removed (Rocscience 
  
Inc., 2005). Figure 12 shows the relationship of the modulus reduction and the tunnel 
displacement at the crown. For the required displacements of -1.28 cm and -2.35 cm at 
the crown before installation of rock support, all the softening stages should be followed 
until the elastic modulus reduces to 218 MPa and 82 MPa respectively. The simulated 
axial stress in the sprayed concrete at the crown is 10.3 MPa (with displacement of -2.35 
cm occurred before installation of sprayed concrete) and 16.4 MPa (with displacement of 
-1.28 cm occurred before installation of sprayed concrete). For different values of 
displacement, the simulated axial stresses in the sprayed concrete based on these two 
numerical programs are however quite similar as shown in Figure 13.  
 
Sometimes, active swelling clay occurs in the gouge of major weakness zones or faults. 
Effects of swelling could be considered as a swelling pressure on rock support and from 
an engineering perspective simplified as uniformly distributed load (Mao et al; 2011), 
and this can be realized with both FLAC3D and Phase2. 
4. Concluding Remarks 
Complicated geometry for tunneling in weakness zones/faults can be considered with the 
three-dimensional program. In this paper, weakness zones with various thicknesses have 
been analyzed by FLAC3D. For Phase2 to be realistically used for analyzing the effects of 
a weakness zone which is perpendicular to the tunnel alignment, the thickness of the zone 
has to be much wider than the tunnel span. This is quite unusual for road tunnels, which 
have a typical excavation span of around 12 m. For a major weakness zone with typical 
thickness, 2D modelling may result in a large deviation from the 3D results.  The lower 
strength of the weakness zone, the larger the deviation will be. For example, for a 15 m 
wide weakness zone the simulated displacements at the crown with Phase2 are often 
around two times those obtained with FLAC3D. When the strength of the weakness zone 
is reduced, the difference of simulated displacements can be 3:1.  
 
When using Phase2 for tunneling through weakness zones, it is also difficult to define the 
amount of deformation before the installation of rock support. Sometimes, similar 
loading effects on rock support as for FLAC3D can be estimated based on unrealistic 
  
simulation results from Phase2. This could be one cause for some of the misuse of Phase2 
for inappropriate cases. 
 
Empirical diagrams are not realistic to develop for tunnelling in a weakness zone due to 
several uncertain factors, such as the geometry of weakness zone and tunnel, the 
anisotropic stress state, the properties of weakness zone, and the influence of the side 
rock.     
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Table 1 Properties of weakness zone and side rock  
Properties Weakness zone Side rock 
Density (kg/m3) 2700 2700 
Modulus of elasticity (E) (GPa) 2.68 43.5 
Poisson’s ratio (ȣ) 0.3 0.16 
Bulk modulusa (K) (GPa) 2.23 21.3 
Shear modulusb (G) (GPa) 1.03 18.8 
Cohesion (MPa)  0.3 1.0 
Friction 25o 35o 
Dilation - 10o 
aK=E/3(1-2 ȣ) 
bG=E/2(1+ ȣ) 
 
Table 2 Simulated displacements with Phase2 for infinite weakness zone 
                       Displacement (cm) 
A* B* 
 
No. 
At crown At invert At crown At invert 
 
Notes 
1 -2.33 2.11 -1.35 1.10 kH=1.5, kh=0.8 
2 -2.33 2.11 -1.39 1.15 kH=1.5, kh=0.6 
3 -2.33 2.11 -1.48 1.25 kH=1.5, kh=1.0 
4 -2.33 2.12 -1.76 1.56 kH=1.5, kh=1.2 
5 -1.42 1.16 -1.27 0.96 kH=1, kh=0.8 
6 -1.72 1.49 -1.28 1.00 kH=1.2, kh=0.8 
7 -2.82 2.64 -1.42 1.19 kH=1.7, kh=0.8 
8 -5.92 4.45 -3.28 1.97 Cohesion 0.2 MPa, Friction angle 20
o 
(kH=1.5, kh=0.8)  
9 -3.71 3.00 -1.96 1.43 Cohesion 0.2 MPa, Friction angle 25
o 
(kH=1.5, kh=0.8) 
*A:   the maximum horizontal stress perpendicular to the tunnel alignment 
*B:   the maximum horizontal stress parallel to the tunnel alignment 
  
  
Figure 1: Generated model for arched tunnel (left: FLAC3D model, Right: Phase2 model) 
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Figure 2: Yielded zone based on FLAC3D for the middle cross-section of weakness zone of alternative 
widths, from left: 10m, 15m, 20m, 25m, 30m, infinite (maximum horizontal stress perpendicular to the 
tunnel alignment, kH=1.5, kh=0.8) 
 
  
 
Figure 3 Vertical displacement at the crown and at the middle of invert in the middle cross-section of the 
weakness zone - maximum horizontal stress perpendicular to the tunnel alignment, varied minimum 
horizontal stress. 
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Figure 4 Vertical displacement at the crown and at the middle of invert in the middle cross-section of the 
weakness zone - maximum horizontal stress perpendicular to the tunnel alignment, varied maximum 
horizontal stress. 
A5. kH=1, kh=0.8 A6. kH=1.2, kh=0.8   A7. kH=1.7, kh=0.8   
 
Figure 5 Vertical displacement at the crown and at the middle of invert in the middle cross-section of the 
weakness zone - maximum horizontal stress perpendicular to the tunnel alignment, reduced strength of 
weakness zone. 
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Figure 6 Vertical displacement at the crown and at the middle of invert in the middle cross-section of the 
weakness zone - maximum horizontal stress parallel to the tunnel alignment, varied minimum horizontal 
stress. 
B1. kH=1.5, kh=0.8   B2. kH=1.5, kh=0.6   B3. kH=1.5, kh=1.0   B4. kH=1.5, kh=1.2    
 
  
  
Figure 7 Vertical displacement at the crown and at the middle of invert in the middle cross-section of the 
weakness zone - maximum horizontal stress parallel to the tunnel alignment, varied maximum horizontal 
stress. 
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Figure 8 Vertical displacement at the crown and at the middle of invert in the middle cross-section of the 
weakness zone - maximum horizontal stress parallel to the tunnel alignment, reduced strength of weakness 
zone. 
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Figure 9 Yielded zones along the tunnel periphery based on Phase2 (maximum horizontal stress 
perpendicular to the tunnel alignment, kH=1.5, kh=0.8). 
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a b s t r a c t
Tunneling in weakness zones containing swelling clay represents one of the most difﬁcult conditions in
hard rock tunneling. Evaluation of rock support requirements in such zones is normally empirical, i.e.
mainly based on experience. In this paper, rock supports in a major weakness zone containing swelling
clay is analysed based on monitoring results and numerical analysis in order to enrich the experience of
support evaluation under such conditions. The Finnfast subsea road tunnel is used as a case. Laboratory
tests of the gouge material from the actual zone indicate that the swelling pressure is moderate. All
instrumentation data and simulation results show that the loading on the sprayed concrete is far less
than its compressive strength, even for the rock support without the reinforced sprayed concrete rib. This
suggests that such zones may often be excessively supported when the swelling clay is not very active. It
is also found that for reliable stability control through such zones the instrumentation should be installed
as close to the excavation face as possible.
 2011 Elsevier Ltd. All rights reserved.
1. Introduction
Major weakness zones or faults containing heavily crushed and
altered rock mixed with gouge material represent the most difﬁ-
cult conditions in Norwegian hard rock tunnels including subsea
tunnels. Description of failure cases under such conditions and dis-
cussion of possible causes have been the main focus in early liter-
ature (Brekke and Selmer-Olsen, 1965; Selmer-Olsen et al., 1989)
as well as in more recent papers (Blindheim et al., 2005; Nilsen
and Palmstrøm, 2009). In most cases, gouge materials with active
swelling clay have been found in the failure zones.
For such weakness zones, the stability problem is not only
dependent upon the characteristics of the gouge and swelling min-
erals. The width of the weakness zone, its orientation, the access of
water, the frequency of occurrences, the competence of the side
rock and the dimension of the tunnel are among the factors that
must also be taken into account when considering the stability
problems and the necessary support measures. In many cases eval-
uation of rock support requirement is based mainly on experience
since there are no clearly deﬁned rules for design of tunnels in such
zones. Difﬁculties are often connected to quantiﬁcation of the
swelling capacity of the gouges as well as prediction of the re-
sponse on tunnel excavation and support loading.
Laboratory testing techniques for quantifying the swelling po-
tential have been developed as described by the Commission on
Swelling Rocks of the ISRM (1989, 1999), and recent laboratory
studies on swelling have mainly been focused on the use of triaxial
tests (Aristorenas, 1992; Bellwald, 1990; Barla, 2008). These meth-
ods are however mainly for argillaceous swelling rocks and anhy-
drite. Moreover, the triaxial tests are especially laborious and
stress paths are hard to deﬁne to reproduce the complicated
in situ conditions.
The gouge material from faults or weakness zones usually con-
sists of a mixture of clay and rock fragments of various sizes. For
such materials, a laboratory test method based on measuring the
swelling pressure of remoulded samples (Brekke, 1965) was intro-
duced at NTNU several decades ago as described in Section 3, and is
still commonly used in Norway.
During excavation of one of the most recent Norwegian subsea
road tunnels, the Finnfast tunnel, several weakness zones contain-
ing swelling clay were encountered. One of these zones was instru-
mented, and the data on support loading has been collected by the
Norwegian Geotechnical Institute (NGI) (Grimstad et al., 2008). To
enrich experiences of support evaluation through such weakness
zones, this instrumented zone is used as a case example and the ef-
fects of reinforced shotcrete ribs for support in this zone are stud-
ied in this paper.
2. Characteristics of case example
The Finnfast subsea tunnel is located close to Stavanger in
south-western Norway, see Fig. 1. Granitic gneisses are the
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predominant rock types in the region. The length of the main tun-
nel linking the two main islands (Rennesøy and Finnøy) is 5.76 km,
while the branch to the third island (Talgje) in the middle of the
fjord is 1.45 km. The excavation span of the tunnel is 12 m. The
instrumented weakness zone intersects the tunnel at 140 m below
sea level, including 50 m of water, 10 m of clay and 80 m of rock
overburden. The zone is about 10 m wide, with strike direction al-
most perpendicular to the tunnel alignment and dip angle about
70.
Fig. 2 shows drilled cores from the weakness zone. The rock
mass quality in the zone, according to the Q-system, is exception-
ally poor to extremely poor (Q = 0.01–0.02). The individual param-
eters of the Q-system for the worst-case condition of the zone are
given in Table 1. When the tunnel was excavated through the zone,
the blasting round was reduced from the normal 5 m to 3 m, and
comprehensive support measures were taken. Spiling rock bolts
and face rock bolts were installed before blasting and spraying
with polypropylene ﬁbre reinforced shotcrete was carried out
combined with installation of radial rock bolts after blasting. Rein-
forcement with two reinforced ribs of sprayed concrete was in-
stalled before blasting of the next round. The details of the
applied rock support are given in Table 2.
3. Laboratory test of gouge material
Based on X-ray diffraction analysis, the minerals of the gouge
material from the weakness zone were identiﬁed as montmorillon-
ite, muscovite, chlorite, clinochlore and graphite. Among these,
montmorillonite is the most important swelling mineral. The min-
eral compositions of two tested samples show some differences, as
shown in Table 3. The NTNU swelling pressure test was then con-
ducted based on the standardized procedure involving sample
preparation, compression, unloading and swelling (Brekke, 1965).
First, the fraction of clay with grain size less than 20 lm was seg-
regated from the gouge material and dried in the oven at 110 C.
The dried clay was then exposed to the relative humidity of the
laboratory air (40%) and laboratory temperature before it was
milled into clay powder. 20 g of the clay powder was then packed
in a 20 cm2 oedometer cell and compressed at 2 MN/m2 for a min-
imum of 24 h to obtain constant volume. Thereafter, the sample
was unloaded until no volume change was registered. Finally,
water was accessed to the sample and the mobilized pressure mea-
sured with the sample volume kept constant. A principle sketch of
the NTNU swelling pressure test is shown in Fig. 3. Fig. 4 shows the
updated NTNU laboratory set-up for testing swelling pressure. The
use of height transducer at the oedometer cell and inductive sensor
at the steel spring makes it possible to compensate instanta-
neously for the axial strain of the oedometer cell to keep the sam-
ple volume constant.
The principle of the NTNU test is almost equivalent to the meth-
od for determining the maximum axial swelling stress for swelling
rocks as suggested by ISRM (1989, 1999). Instead of having the
same density and water content in the specimen as in situ mate-
rial, as described for the ISRM method, the NTNU method is based
on remoulded specimens consisting of dried clay powder since it is
very difﬁcult to collect and prepare samples representative of the
in situ gouge material. The gouge sample is always highly dis-
turbed when a mixture of clay and rock fragments of various sizes
is collected. The use of dried clay powder represents a uniform,
reproducible way of preparing specimens of gouge materials from
weakness zones.
The clay fraction with grain size less than 20 lm accounts for
20.7% of the weight of gouge material. Since the water entering
the weakness zone in a subsea tunnel is often saline, testing was
carried out using both distilled water and seawater. Fig. 5 shows
swelling pressure versus time after water was accessed to speci-
mens prepared from gouge material of the weakness zone at Finn-
fast. As shown, the swelling pressure increases quickly when the
specimen gets access to water. After the maximum value has been
reached, the swelling pressure drops temporarily. This may be due
to the structural failure caused by high pressure. The swelling pres-
sure then increases again until a second maximum value is
reached, and the process repeats several times although less dis-
tinctively until the pressure is stabilized. The ﬁrst peak value rep-
resents the maximum value of swelling pressure. The swelling
pressures with sea water are generally a little lower than those
with distilled water, and the peaks of the curves for sea water
are not as distinct as for the curves with distilled water. The tests
based on distilled water gave swelling pressure between 0.19 MPa
and 0.21 MPa, while the tests with seawater gave swelling pres-
sure of 0.16 MPa to 0.18 MPa. The Norwegian Group for Rock
Mechanics, NBG deﬁnes the swelling pressure below 0.1 MPa as
low, 0.15–0.3 MPa as moderate, 0.3–0.75 MPa as high and above
0.75 MPa as very high with this type of test (NBG, 2000). Based
on this deﬁnition, the swelling pressure for clay from the gouge
material of the instrumented weakness zone is moderate.
NORWAY
PROJECT 
LOCATION
Fig. 1. Location of the Finnfast subsea road tunnel.
Fig. 2. Drilled cores from the weakness zone at the Finnfast tunnel.
Table 1
Input parameters of Q-system – estimated for the worst-
case condition of the weakness zone.
Parameter Value
Rock quality designation (RQD) 10
Joint set number (Jn) 20
Joint roughness number (Jr) 1.5
Joint alteration number (Ja) 15
Joint water reduction factor (Jw) 1
Stress reduction factor (SRF) 5
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It should be emphasized that the swelling pressure measured in
laboratory is primarily used as an index number, and that this va-
lue is not representative of the in situ swelling pressure on rock
supports. The laboratory test results are based on the ﬁxed clay
amount of 20 g. The in situ structure and compaction are damaged
as a result of the sampling process. The clay fraction used in the
tests represents the most active part of the gouge material and that
the dried condition represents the highest swelling potential.
Moreover, the in situ swelling pressure on rock supports depends
on the time between blasting and rock support installation and
the support deformation. Previous research carried out at NTNU
suggests that the in situ swelling pressure is often lower than the
laboratory value, in some cases only 50% (Tyssekvam, 1996).
4. Instrumentation in the tunnel
The instrumentation of rock support was conducted at the sec-
ond reinforcement rib of sprayed concrete counted from the exca-
vation face when the tunnel was excavated in the middle of the
weakness zone on January 18th, 2008 (Grimstad et al., 2008).
Fig. 6 illustrates the blasting rounds in the weakness zone and
Table 2
Rock support used in the weakness zone at the Finnfast subsea tunnel.
Type of rock support Support description
Fiber reinforced shotcrete Thickness: 15 cm
Radial rock bolt Length: 3 m, diameter: 20 mm
Installation pattern: 1.5 m  2 m, pretensioning: 30 kN
Spiling rock bolt Length: 6 m, diameter: 25 mm, installation pattern: along the periphery of the
excavation face at spacing 0.5 m and angle 15 relatively to the tunnel axis
Face rock bolt Length: 4 m, diameter: 20 mm
Installation pattern: around 25 bolts at the tunnel face
Reinforced rib of shotcrete Thickness of reinforced rib of shotcrete: 30 cm Rib spacing: approximately 1.5 m,
number of reinforcement steel bars in each rib: 6
Diameter of steel bar: 16 mm, spacing between bars: around 8 cm
Distance from the steel bar to rib surface: 10 cm
Table 3
Mineral composition of the gouge material based on X-ray diffraction analysis.
Mineral Sample 1 (%) Sample 2 (%)
Montmorillonite 9.4 24.4
Muscovite 27.7 22.3
Chlorite 40.5 31
Clinochlore 19.9 17.6
Graphite 2.5 4.7
Fig. 3. Principle sketch of the NTNU swelling pressure test (based on Nilsen and
Broch (2009)).
Fig. 4. NTNU laboratory set-up for testing swelling pressure.
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the location of the reinforced shotcrete ribs. Three similar sets of
equipment, including strain gauges and load cells, were installed
near the crown and at the springlines of the tunnel. The next round
was excavated four days after instrument installation. The location
of two of the three sets of instrumentation is shown in Fig. 7. The
third set was installed at the left springline. Fig. 8 shows the lay-
out of one set of equipment. Details regarding the instrumentation
are given in Table 4 (Geokon, 2008).
The strain was measured for the second bar of the second rib
from the tunnel face, while the ring stress in shotcrete was mea-
sured above the fourth steel bar. The load from the rock mass
was measured above the ﬁfth bar, and the strain in the shotcrete
along the tunnel axis was measured between the fourth and ﬁfth
steel bars. The instruments were completely embedded in sprayed
concrete except the load cell for monitoring load from the rock
mass, which was ﬁxed to the tunnel periphery on an even basis.
The readings were reset after spraying the concrete on the rein-
forced rib. Due to the hydration heat from shotcrete curing, the
temperature at the instrumented location once reached a maxi-
mum of 38 C. It gradually dropped to 15–20when the next round
was excavated, and decreased to 12–13 when the excavation ad-
vanced further.
Monitoring results are shown in Figs. 9–11 and will be brieﬂy
discussed below. Near the crown, both the load from the rock
and the ring stress in the shotcrete rib were close to zero during
the monitoring period. At the right springline, the load from the
rockmass ﬂuctuated between 0.1 MPa and 0.25 MPa until it stabi-
lized at 0.2 MPa. The ring stress in the shotcrete rib increased grad-
ually to more than 1.5 MPa and then dropped to around 0.8 MPa.
At the left springline, the load from the rockmass stabilized also
at 0.2 MPa, but the ring stress in the shotcrete rib kept on increas-
ing to more than 2.1 MPa. The recorded strain in the reinforcement
bar steadily reached 160 ls and 280 ls at the right and left
springlines respectively, indicating signiﬁcant compression. The
strain at the crown stabilized around 100 ls. In the longitudinal
tunnel direction compression occurred in sprayed concrete near
the crown, while tension was recorded at the right and left
springlines.
The monitored ring stress in sprayed concrete near the crown is
surprisingly low. This may be caused by voids created when spray-
ing through reinforcement steel bars. Undulations or depressions
of the excavated tunnel proﬁle and local ﬂaws in the sprayed con-
crete attaching to instrumentation equipments may also have
caused uncertainties in the instrumentation results.
5. Numerical simulation
5.1. Description of numerical model
The ﬁnite difference code FLAC3D (Itasca, 2005) was used in the
numerical simulation. As shown in Fig. 12, only half of the tunnel
needs to be generated due to symmetry. The inclined shadowed re-
gion is the location of weakness zone in the model. The left bound-
ary of the model is the symmetry plane of the tunnel. The rest of
boundaries are taken far away from the interested area (more than
40 m in the model). The mesh is denser near the instrumented
location for higher simulation accuracy. Each boundary is ﬁxed in
the direction perpendicular to them, except the top boundary
where the pressure caused by the gravity of rock overburden and
50 m sea water is applied. The model is considered as hydrostatic
before tunnel excavation. The pore pressure is ﬁxed at right and
bottom boundaries where the pore pressure is expected to be not
Side 
Rock
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Steel bar
The second  shotcrete rib of the blasting round
Excavation face (Jan. 18, 2008)
0.5m
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xcavation face (Jan. 18, 2008)
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Fig. 6. Position of reinforced shotcrete ribs in weakness zone (longitudinal proﬁle of tunnel roof).
Instrument positions
Fig. 7. Positions of two of the three sets of instruments (Grimstad et al., 2008).
Fig. 8. Lay-out of one set of instruments in the weakness zone (Grimstad et al.,
2008).
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much inﬂuenced by excavation, while it is allowed to change dur-
ing simulation in the rest of the boundaries.
Based on communication with SINTEF (2010), who carried out
the stress measurements at the site, the initial vertical stress can
be assumed to be caused by gravity and considered as one of the
principal stresses. Thus, it is estimated to be 2.9 MPa at the tunnel
depth of 140 m below sea level. The maximum horizontal stress of
4.3 MPa according to SINTEF (2010) is in the direction of the tunnel
alignment, while in the direction perpendicular to the tunnel align-
ment the horizontal stress is 2.5 MPa.
The weakness zone and side rock are simulated based on the
Mohr–Coulomb model with elasto-perfectly plastic stress–strain
law. Physical and mechanical properties of the weakness zone
and the side rock used in the modeling are presented in Table 5.
Dry density and porosity instead of total density are given for the
weakness zone and side rock as required by the program for calcu-
lation of pore pressure distribution. The hydraulic conductivity of
the weakness zone is estimated to 1  107 m/s, similar to that
of side rock. The low permeability is considered due to the high
clay content in the weakness zone and the clay ﬁlling of in the
joints in the side rock.
The sprayed concrete is simulated with the same constitutive
model as the weakness zone and side rock. Parameters of shotcrete
required for simulation are given in Table 6. Since the next blasting
round was 4 days after the installation of instrumentation in the
weakness zone, ﬁnal properties are assumed for the sprayed con-
crete due to the quick hardening when mixed with accelerator as
used in the Finnfast Subsea Tunnel. Zero pore pressure is assumed
within the shotcrete as all the rock supports in Norwegian subsea
tunnels are drained (Blindheim et al., 2005).
The steel bars in the reinforced ribs of shotcrete are simulated
as beam elements, the spiling bolts are simulated as pile elements
(Trinh, 2006; Volkmann and Schubert, 2007), while the radial bolts
and face bolts are simulated as cable elements due to different
loading characteristics (Itasca, 2005). Parameters of these struc-
tural elements are listed in Tables 7 and 8. The geometrical param-
eters are calculated from geometrical dimensions. The section of
the steel bar for strain gauge has a diameter of 12 mm, less than
16 mm of the diameter of other parts of reinforcement bars. The
mechanical parameters are based on general data for rock support
elements.
The excavation process is simulated by changing ground ele-
ments into null elements in sequence. Application of shotcrete
after each excavation step is simulated by changing the corre-
sponding layers of null elements into elements with corresponding
properties of shotcrete. Effects of the swelling pressure on rock
supports are simpliﬁed as uniformly distributed load from an engi-
neering perspective.
5.2. Simulation results
5.2.1. Quantiﬁcation of swelling pressure
In the simulation loading on rock supports is considered as the
superimposed effects by tunnel excavation and swelling. As earlier
discussed, the swelling pressure measured in laboratory is not di-
rectly comparable with the in situ swelling pressure. To quantify
the swelling pressure on rock supports, numerical simulations
have been carried out with different swelling pressures ranging
from zero to 0.20 MPa at an interval of 0.04 MPa. This is realized
in the model by applying the corresponding loads at the boundary
between the weakness zone and shotcrete. A small portion of the
loads may be shared by the weakness zone, and this is neglected
in the analysis. For a simpliﬁed two dimensional model of a circu-
lar tunnel (tunnel radius: 6 m, total thickness of shotcrete: 45 cm),
in a weakness zone with the same properties assumed, the weak-
ness zone shares less than 6% of the loads under the elasticity con-
dition. The actual loads shared by the weakness zone can be even
less since the weakness zone close to the tunnel periphery has al-
ready yielded or has been close to yielding without accounting for
the swelling effects.
The distribution of pore pressure during tunnel excavation may
greatly affect rock behavior and the ground response. Fig. 13 illus-
trates the simulated pore pressure when passing through the
weakness zone, which is consistent with the estimated pore pres-
sure close to the tunnel periphery. The simulation results regarding
the response of the rock support are of main interest here. The sta-
bilized instrumented data for the situation when the tunnel has
advanced far from the zone eliminate the inﬂuences from temper-
ature variation due to concrete heat, and also represents the long
term loading on rock supports. Therefore, the response of rein-
forced shotcrete rib at the equilibrium state when the tunnel has
advanced far from the weakness zone is focused in simulation. Figs.
14 and 15 show the simulated results of strain in the reinforce-
ment bar and ring stress in sprayed concrete with different
Table 4
Instrumentation of rock support.
Instrumentation equipment Type
Load cell for monitoring load
from rockmass
Vibrating wire earth pressure cell with
extra thick backplate, Model 4800
Height: 6 mm, diameter: 230 mm
Load cell for monitoring ring
stress in sprayed concrete
Vibrating wire stress cell, NATM style,
Model 4850-1
Height: 6 mm, length: 200 mm, width:
100 mm.
Strain gauge for monitoring
reinforcement bar
Vibrating wire rebar strainmeter/sister
bar, Model 4911
Diameter of rebar: 12 mm
Strain gauge for monitoring
sprayed concrete
Vibrating wire strain gauge, concrete
embedment, Model 4200
Active gauge length: 153 mm
Near Crown
μμ s
Fig. 9. Stress and strain at the crown (Grimstad et al., 2008).
476 D. Mao et al. / Tunnelling and Underground Space Technology 26 (2011) 472–480
swelling pressures. It is found that even a small swelling pressure
may considerably increase the ring stress in sprayed concrete and
compression in the reinforcement bar. When swelling pressure in-
creases to 0.16 MPa, the ring stress in sprayed concrete at the
springline exceeds 2.1 MPa which is similar to the stabilized
instrumented ring stress at the left hand springline. With the
swelling pressure of 0.16 MPa, the simulated strain in the rein-
forcement bar near the crown is almost the same as the stabilized
instrumented data. Comparing with the left hand springline, the
instrumented strain in reinforcement bar at the right hand spring-
line is much closer to the simulated one. The low instrumented
loads from the rock mass at springlines are also veriﬁed by the sim-
ulation results. The strain in sprayed concrete along the tunnel
alignment is much inﬂuenced by the ﬁneness of the mesh. Since
this parameter is not as important as the others in evaluating rock
support response, this has not been fully considered in the model.
Fig. 10. Stress and strain at the right hand springline (Grimstad et al., 2008).
Fig. 11. Stress and strain at the left hand springline (Grimstad et al., 2008).
Fig. 12. FLAC3D model.
Table 5
Properties of weakness zone and side rock.
Properties Weakness zone Side rock
Dry density (kg/m3) 2550 2680
Porosity (%) 15 2
Modulus of elasticity (E) (GPa) 2.68 43.5
Poisson’s ratio (t) 0.3 0.16
Bulk modulusa (K) (GPa) 2.2 21.3
Shear modulusb (G) (GPa) 1.0 18.8
Cohesion (MPa) 0.3 1.0
Friction 25 35
Dilation – 10
a K = E/3(1  2t).
b G = E/2(1 + t).
Table 6
Properties of shotcrete.
Properties Value
Total density (kg/m3) 2350
Modulus of elasticity (E) (GPa) 20
Poisson’s ratio (t) 0.2
Bulk modulusa (K) (GPa) 11.1
Shear modulusb (G) (GPa) 8.3
Cohesion (MPa) 7
Friction 45
Dilation 12
Tensile strength (MPa) 4
a K = E/3(1  2t).
b G = E/2(1 + t).
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5.2.2. Comparison of support loading
The simulated results above are for the conditions where the
instrumentation was conducted. The actual swelling pressure on
rock supports can be different at other locations. It is expected to
be higher close to the excavation face. Since there is no instrumen-
tation to quantify the swelling pressure at other locations, the
swelling pressure is taken the same of 0.16 MPa as the instru-
Table 7
Parameters of steel bars and spiling rockbolts.
Properties Steel bars in reinforced ribs Rebar section for strain gauge Spiling rockbolts
Young’s modulus (GPa) 200 200 200
Poisson’s ratio 0.3 0.3 0.3
Cross-sectional area (m2) 2.01  104 1.13  104 4.91  104
Second moment respect to y-axis if the pile element (m4) 1.6  109 5.1  1010 0.96  108
Second moment respect to z-axis if the pile element (m4) 1.6  109 5.1  1010 0.96  108
Polar moment of inertia (m4) 3.2  109 1.02  109 1.92  108
Axial tensile yield strength (N) – – 0.55  106
Shear coupling spring cohesion per unit length (N/m) – – 0.6  106
Shear coupling spring stiffness per unit length (N/m2) – – 1  109
Normal coupling spring cohesion per unit length (N/m) – – 0.6  109
Normal coupling spring stiffness per unit length (N/m2) – – 1  1012
Shear coupling spring friction angle – – 20
Table 8
Parameters of radial rockbolts and facebolts.
Properties Value
Young’s modulus (GPa) 200
Grout exposed perimeter (m) 1.445  101
Cross-sectional area (m2) 3.14  104
Grout cohesive strength per unit length (N/m) 0.6  106
Grout stiffness per unit length (N/m2) 1  109
Grout friction angle 20
Notes: Pretensioning of radial bolts 30 kN.
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Fig. 13. Pore pressure distribution during tunnel excavation.
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Fig. 16. Simulated strain in different reinforcement bars at crown for 0 swelling
pressure.
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mented location in simulation. Figs. 16–19 show the strains in all
reinforcement steel bars near the crown and at the springline in
the sprayed concrete ribs for the blasting round on January 18th,
2008. It is found that the strains in steel bars in the ﬁrst sprayed
concrete rib are much higher than those in the second sprayed con-
crete rib. Even when the swelling effects on rock supports are not
considered, the strains in the ﬁrst steel bar in the ﬁrst sprayed con-
crete rib are close to 170 ls near the crown and 190 ls at the
springline. If the same swelling pressure of 0.16 MPa is assumed
here, the strain in the ﬁrst steel bar in the ﬁrst sprayed concrete
rib reaches over 220 ls near the crown and close to 240 ls at the
springline.
Fig. 20 shows the strain in the second steel bar in the second
sprayed concrete rib from invert to crown. It varies between
approximately 45 ls and 75 ls without consideration of swelling
effects. With the swelling pressure on rock supports of 0.16 MPa,
the strain varies from around 85 ls to a little less than120 ls.
As an alternative support measure, the rock support without
reinforced sprayed concrete ribs is simulated. When swelling ef-
fects are not included, the ring stress in the middle of the 15 cm
sprayed concrete layer is 1.6 MPa near the crown and 2.1 MPa at
the springline in the same tunnel cross section where instrumenta-
tion of ring stress was conducted. The ring stress increases to
3 MPa near the crown and over 3.3 MPa at springline if the swell-
ing pressure of 0.16 MPa is applied on the 15 cm sprayed concrete
layer, i.e. approximately 50% higher than for the alternative with
shotcrete ribs. With the swelling pressure of 0.16 MPa on rock sup-
ports where the ﬁrst steel bar in the ﬁrst sprayed concrete rib was
located, the ring stress increases to 6.2 MPa near the crown and
6.7 MPa at the springline.
6. Conclusion
The loading on rock supports in a major weakness zone contain-
ing swelling clay has been analysed based on a comparison be-
tween instrumentation results and numerical simulation. It has
been found that swelling pressure may considerably increase the
loading on rock supports. For a swelling pressure on rock supports
at the instrumentation location of 0.16 MPa, many simulation re-
sults are comparable with the monitoring results.
Compared with the instrumented location, the loading on rock
supports is much higher close to the excavation face and this area
is more critical in terms of tunnel stability. Therefore, for reliable
stability control through such zones the instrumentation should
be installed as close to the excavation face as possible.
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Fig. 18. Simulated strain in different reinforcement bars near crown for swelling
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All instrumentation data and simulation results show that the
loading on the sprayed concrete is far less than its compressive
strength, even for the rock support without the reinforcement
sprayed concrete rib. This suggests that such zones may often be
excessively supported when swelling clay is not very active.
Most studies of weakness zones containing swelling clay are
based on cases of failure, while those weakness zones without
problems are often neglected. This may lead to unnecessary heavy
rock support in such zones. The instrumented weakness zone pro-
vides the opportunity to quantitatively evaluate the loading effects
on reinforced shotcrete ribs, which enriches the experiences of
rock support in such weakness zones. It is to be hoped that further
research in this ﬁeld will lead to effective support design in weak-
ness zones containing swelling clay.
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ABSTRACT 
The twin tube, 1765 m long Hanekleiv road tunnel is located in Southeast Norway. Ten years after 
completion of the tunnel, a serious rock fall occurred approximately 1.1 km from the northern tunnel 
entrance at the southbound tube in a fault zone containing swelling clay. In addition to swelling, 
gravitational collapse due to the very low internal friction played an important role in the development of 
instability. Numerical analysis has been carried out for the rock slide. Based on modelling of the actually 
applied support, detected cracks during tunnel excavation as well as the tunnel collapse are verified. 
Simulation results show that even rock support of reinforced shotcrete ribs or 25 cm thick concrete lining as 
suggested based on the Q-system may not be sufficient for the fault zone.  
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Introduction
Instability has in some cases occurred in major faults/weakness zones with 
heavily crushed and altered rock mixed with gouge material, particularly when the gouge 
contains swelling clay minerals (Brekke and Selmer-Olsen, 1965; Selmer-Olsen and 
Palmstrøm, 1989; Nilsen and Dahlø, 1994; Nilsen and Palmstrøm, 2009; Nilsen, 2011). 
Such faults/weakness zones represent one of the most challenging conditions for 
Norwegian hard rock tunnelling. In most cases the instability has been encountered 
during construction. The rock slide at the Hanekleiv road tunnel, however, occurred ten 
years after the tunnel was completed and thus attracted wide attention (Bollingmo et al. 
2007; Reynolds, 2007; Nilsen, 2011).     
 
The location of the Hanekleiv road tunnel is shown in the simplified geological 
map of southeast Norway in Figure 1. The tunnel is 1765 m long and has two tubes. The 
net distance between the two tubes is approximately 15 m. Each tube has a theoretical 
cross section of excavation of about 65 m2 (Norwegian Public Roads Administration, 
2004). A simplified presentation of the topography and geology along the tunnel 
alignment is shown in Figure 2. The northern part of the tunnel passes through Silurian 
sandstone, which underlies a bed of Carboniferous slate/conglomerate overlain by 
Permian basalt. The southern half of the tunnel is in Permian syenite. The tunnels were 
both excavated from the north. The rock generally was fairly good, and the blasting round 
was normally 5 m. Only minor stability problems were experienced during tunnel 
excavation and break through was achieved after only 35 working weeks in November 
1996. Steel fibre reinforced shotcrete and radial rock bolts were the major rock supports 
used (Bollingmo et al. 2007). The most difficult part was expected to be the northern part 
of tunnel due to the distinct, relatively flat bedding jointing of the sandstone. The rock 
fall however occurred in the syenite, approximately 1.1 km from the northern tunnel 
entrance of the southbound tube (Figure 2). A fault zone with swelling clay was 
identified during excavation, and this zone was sealed with 15 cm thick steel fibre 
reinforced shotcrete. During excavation of the tunnel, cracks in the shotcrete were 
detected at the fault zone, and 10 cm extra shotcrete was applied in this local area after 
  
tunnel break through. Finally, the shield for water proofing and frost protection was 
installed. Details of this shielding are shown in Figure 3. Although the shielding may 
cope with minor pieces of falling rock, it is not designed to withstand major rock falls.  
 
                                                   - Figure 1 - 
 
                                                   - Figure 2 - 
 
                                                   - Figure 3 - 
 
Description of the Rock Fall
The rock fall at the Hanekleiv tunnel occurred in late December of 2006, ten years 
after completion of the tunnel. Figure 4 shows the section where the rock fall went 
through the frost and water shielding, where the rock overburden is approximately 75m. 
The section was generally dry and minor dripping was observed only at a few locations 
(Bollingmo et al. 2007).  
 
                                                    - Figure 4 - 
 
The caved in material was basically a mixture of small blocks, gravel and 
fragments of altered syenite, but included also a large block of syenite weighing several 
tons as shown in Figure 5. The total volume of the cave-in material was estimated to be 
250 m3. The fault zone causing the cave-in had an angle to the tunnel alignment of 10 – 
15° (see Figure 4). It was bounded by two parallel joints striking approximately 030 - 
040° and dipping 70 - 80° to the southeast. The joints were filled with clay gouge with a 
thickness of 5 to10 cm. The fault zone could be traced to a cross passage, where the 
width was only 20 to 50 cm (Bollingmo et al. 2007). Figure 6 shows longitudinal and 
cross sections of the rock slide area. The width of the fault zone at cross sections A and B 
in Figure 6 (17.5 m apart from each other) is 2.3 and 3.8 m respectively. The side rock 
near the fault zone was solid syenite with few cracks. 
  
                                                  - Figure 5 - 
 
                                                 - Figure 6 - 
 
The rock mass quality of the fault zone based on site inspection after the rock fall 
was estimated to be extremely poor (Q = 0.01 - 0.02). Estimated individual parameters of 
the Q-system are given in Table 1. Heavy rock support like reinforced shotcrete rib or 
cast-in-place concrete lining should have been considered for the zone based on the 
support chart of Q–system (NGI, 2011). The cracks that developed in the sprayed 
concrete and the rock fall that ultimately occurred clearly demonstrated that the applied 
support consisting of rock bolts and shotcrete as insufficient for this fault zone.  
 
                                                    - Table 1 - 
 
Based on thorough investigation, it was concluded that, in addition to effect of the 
swelling process, gravitational collapse due to the very low internal friction played also 
an important role in the development of instability in the case (Bollingmo et al. 2007; 
Nilsen, 2011). The swelling process most likely was caused by both the water from joints 
and accumulation of moisture behind the water/frost shield, when ventilation has had 
little effect after tunnel completion. The strength of the material was also reduced with 
absorption of water during the swelling process. Swelling and strength reduction 
gradually developed till the collapse suddenly took place after ten years. The assumed 
combined effects will be focused upon in the numerical analysis.    
 
Laboratory Testing of Swelling Clay
Clay samples were collected from the caved in material as well as from the clay 
fillings of the distinct joints at the cross passage. Swelling clay (smectite) was identified 
by the X-ray diffraction analysis. The mineral composition of the clay samples is shown 
in Table 2.  
  
                                                     - Table 2 - 
 
In Norway, a laboratory test method based on measuring the swelling pressure of 
remoulded specimens (Brekke, 1965) is commonly used for characterizing the swelling 
gouge materials. It is a standardized oedometer test where 20 g of dried clay powder with 
grain size less than 20 ȝm from the gouge material is precompressed at 2 MN/m2 to 
constant volume and then unloaded until constant volume is reached again. The sample 
thickness is kept constant as water is accessed to the sample and the mobilized pressure is 
measured (SINTEF, 2005). The Norwegian National Group of ISRM, NBG, defines 
swelling pressure below 0.1 MPa as low, 0.1 - 0.3 MPa as moderate, 0.3 - 0.75 MPa as 
high and above 0.75 MPa as very high based on this type of test (NBG, 2000). For the 
collected samples, the clay fraction with grain size less than 20 ȝm accounted for only 
14% of the weight and the tested swelling pressure was 0.18 MPa (Bollingmo et al. 2007; 
Nilsen, 2011). 
 
Another common test to quantify the relative swelling potential is the free 
swelling test, in which the clay fraction with particle size less than 20 ȝm is also used. 10 
ml of loosely packed dry clay powder is drizzled into a 50 ml measuring cylinder filled 
with distilled water. The volume occupied by the clay powder after sedimentation is 
recorded, and the free swelling is calculated as the percentage of the original powder 
volume. NBG defines free swelling below 100% as low, 100% - 140% as moderate, 
140% - 200% as high and above 200% as very high (NBG, 2000). Based on this test, a 
free swelling of 150% was recorded for the Hanekleiv sample (Bollingmo et al. 2007; 
Nilsen, 2011).  
 
  
Numerical Simulation
Description of Numerical Model 
The finite difference code, FLAC3D (Itasca, 2009), has been used for numerical 
simulation of the Hanekleiv case. The generated model is shown in Figure 7, which 
represents the two-tube tunnel close to the area of rock fall. The X-axis and Y-axis are in 
the cross-section perpendicular to the tunnel alignment (Z-axis). The model size is 
 (mmm 10078117 uu ZYX uu ). Each boundary is fixed in the direction perpendicular to 
it, except the top boundary where the pressure caused by the gravity of rock overburden 
is applied. Simultaneous excavation of the two tubes is assumed in numerical simulation. 
 
                                                   - Figure 7 - 
 
Rock stress measurement has not been carried out at the Hanekleiv tunnel. The 
initial vertical stress, in accordance with general Norwegian experience, is however 
assumed to be caused by gravity and considered as one of the principal stresses. It is 
estimated to be 2 MPa at the tunnel depth. The direction and magnitude of horizontal 
principle stresses are estimated based on stress measurement for a tunnel at Drammen 
(Figure 1), which is only about 20 km North of Hanekleiv and in the same geological 
region as Hanekleiv (Hanssen, 1998). Stress measurements of high standard have been 
conducted here for a sewage tunnel. The orientation of the minimum horizontal stress at 
Drammen is approximately 020°. The ratio of the maximum horizontal stress to vertical 
stress is 2, and the ratio of the minimum horizontal stress to vertical stress is 0.6. The 
orientation of the alignment of the Hanekleiv tunnel (Figure 5) is very close to the 
direction of the minimum horizontal stress at Drammen. In the numerical simulation, for 
simplification, the minimum horizontal stress is taken as having the same direction as the 
tunnel alignment. Stress ratios, kH  = 2 and kh = 0.6 as described above, are used. 
 
A fault zone with geometry as illustrated in Figure 6 is considered in the model. 
The fault zone and side rock are simulated based on the Mohr-Coulomb model with an 
elasto-perfectly plastic stress-strain law. In consideration of the cracks detected during 
  
excavation of the tunnel, a strain softening model is used for shotcrete in order to 
simulate its post-failure behaviour. Since the cracks in shotcrete were caused by tension, 
as demonstrated later by simulation results, the tensile strength of shotcrete is assumed to 
drop to zero when failure occurs. The shotcrete is in tensile failure in the simulation when 
the plastic tensile strain reaches 20 ȝs, which is calibrated based on the grid size of 
model. This indicates a brittle failure. The rate at which the tensile strength drops is 
controlled by the plastic tensile strain and the linear softening law for the tensile strength 
in FLAC3D (Itasca, 2009). Physical and mechanical properties of the original fault zone, 
the weakened fault zone (close to the tunnel periphery 10 years after excavation), the side 
rock and applied shotcrete used in the modelling are presented in Table 3. Since the 
strength reduction developed gradually inwards as previously mentioned, there was a 
variation of strength reduction in the weakened fault zone. In numerical simulation, the 
conservative simplification has been made that the properties of the weakest material 
from the cave-in rock mass are assumed for the whole weakened fault zone. The 
estimation of properties is based mainly on engineering experiences for these types of 
materials.  
 
                                                    - Table 3 - 
 
The suggested rock supports of reinforced shotcrete ribs and concrete lining based 
on the Q–system are also considered in simulation for comparison with the adopted 
support consisting of 25 cm shotcrete. Figure 8 shows the geometry of the simulated 
reinforced shotcrete ribs for one blasting round of 5 m. It is assumed that the distance 
between two shotcrete ribs is 2 m and the distance between the shotcrete rib and 
excavation face is 1m. The steel bars in the reinforced ribs of shotcrete are simulated as 
beam elements (Itasca, 2009). The geometrical parameters are calculated from 
geometrical dimensions and the mechanical parameters are based on general data for rock 
support elements as shown in Table 4.  
 
                                                     - Figure 8 - 
              
  
                                                                  - Table 4 - 
 
The thickness of concrete lining is assumed to be 25 cm supplementing the 
temporary rock support of 10 cm shotcrete. The concrete lining is modeled as being 
installed after break through of the whole tunnel. In numerical simulation, bulk modulus 
(16.7 GPa) and shear modulus (12.5 GPa) of the concrete are estimated based on the 
elasticity modulus of 30 GPa and Possion’s ratio of 0.2. For simplicity, other parameters 
are assigned the same values as for shotcrete.  
 
The ground water level above the caved in area is unknown and potential effects 
of the ground water have been neglected in the simulation. As earlier mentioned, the rock 
mass in the caved in area was relatively dry with dripping only at a few locations. 
Consequently, the water pressure on the shotcrete is assumed to have been very low. 
Rock bolts are not considered in the numerical simulation since very few bolts were 
installed and the detailed installation pattern is unknown.  
 
Simulation results
The rock fall occurred 10 years after tunnel completion, indicating a long lasting, 
gradual process of mobilization of swelling pressure and strength weakening of the fault 
zone. This process is hard to define explicitly, and it has been focused in numerical 
simulation on three stages of mechanical states. The first stage represents tunnel 
excavation and detection of cracks in the shotcrete. The swelling pressure on the rock 
support of shotcrete is considered at the second stage. Combined effects of strength 
reduction of the fault zone and swelling are simulated at the last stage.  
 
At the first stage, parameters of the original fault zone are used for the whole fault 
zone. The tunnel excavation with blasting round of 5 m is simulated by changing ground 
elements into null elements in sequence. Application of shotcrete after each excavation 
step is simulated by changing the corresponding layers of null elements into elements 
with corresponding properties of shotcrete. Simulation results show that the shotcrete 
  
close to the blasting face at the fault zone was in tension failure. The yielded zones of 
shotcrete at the boundary of shotcrete and rock are shown to the left in Figure 9. Yielded 
zones were also found at the inner surface of shotcrete, and this verifies the detected 
cracks in the shotcrete. The area of simulated yielded zones of the fault, which is similar 
to the geometry of the slide area, is shown in the lower part of Figure 10. In the numerical 
simulation, the reduced strength of weakened fault zone is assumed for these yielded 
zones at the third stage.  
 
                                                    - Figure 9 - 
 
                                                   - Figure 10 - 
 
Extra shotcrete was applied when cracks were detected in shotcrete. There is no 
detailed information on exactly where the extra shotcrete was applied. At the second 
stage of simulation, the extra shotcrete is however assumed to have been applied covering 
the whole area of the fault zone. Effects of the swelling pressure on rock support are 
considered from an engineering perspective as the uniformly distributed load. Swelling 
pressures up to 0.18 MPa have been assumed on the shotcrete support. This is realized in 
the simulation by applying the corresponding loads at the boundary between the fault 
zone and shotcrete (Mao et al. 2007). Yielded zones of shotcrete for swelling pressure 
0.18 MPa are illustrated in the middle part of Figure 9. There is no essential difference of 
the areas of failed shotcrete by comparing the simulation results of yielded zones. This 
indicates that the relatively low swelling pressure had only a limited influence on the 
loading of shotcrete, and can not have been the only cause of the rock slide.   
 
At the third stage, the properties of weakened fault zone are assumed for the 
simulated yielded zones of the fault. A previous study carried out at NTNU suggests that 
the in-situ swelling pressure is often lower than the laboratory value, in some cases only 
50% (Tyssekvam, 1996). The right section of Figure 9 shows the yielded zones of 
shotcrete for weakened fault zone and a swelling pressure of 0.09 MPa (50% of the 
laboratory tested swelling pressure). The yielded area of shotcrete due to tension has been 
  
greatly increased along the fault zone and continues to increase with more calculation 
steps. As a sign of misconvergence of the numerical simulation, the contiguous line of 
active plastic zones joining two surfaces indicates breakdown of the shotcrete and tunnel 
collapse (Itasca, 2009). This is also confirmed by the vector of velocity where the 
movement of the fault zone is much higher than for the other parts of the tunnel 
periphery. Figure 11 illustrates the vector of displacement close to the tunnel periphery at 
one instantaneous state.  
 
Figure 12 shows the contour of shear strain increment of rock mass at cross 
sections A and B of the collapse area. The inclination of the contour lines is comparable 
to the dip of joints in the fault zone. The area within the contour line of strain increment 
of 45 ȝs has almost the same width as the slide area at both locations of cross section A 
and B.  
 
                                                 - Figure 11 - 
 
                                                  - Figure 12 - 
 
Rock support consisting of shotcrete rib and concrete lining are simulated with the 
same swelling pressure (0.09 MPa) and strength reduction of the weakened fault zone. 
Simulated results show that the shotcrete ribs are not fully sufficient for the fault zone. 
Cracks are observed between reinforced shotcrete ribs as indicated by the fragmented 
yielded zones at the inner surface (upper part of left section in Figure 13). Figure 13 
shows the area of yielded zones of shotcrete at the boundary of shotcrete and rock. The 
area is similar to the early case when only shotcrete is applied. For the cast-in-place 
concrete lining (25 cm) installed in addition to the temporary rock support of shotcrete 
(10 cm), the yielded area at the boundary of shotcrete and rock is considerably reduced as 
shown to the right part of Figure 13. The yielded zones at the inner surface of concrete 
lining indicate where cracks occur (upper part of right section in Figure 13). However, 
the numerical simulation may converge with the enhanced supports of shotcrete rib or 
concrete lining indicating that the tunnel fall could be prevented.     
  
                                                    - Figure 13 - 
 
Discussion and Conclusion
The gouge material in the collapse zone was not very active and the content of 
swelling clay (smectite and kaolinite) was quite low. Thus, it is logical to assume that the 
rock slide was not caused only by the swelling effects, but rather by the combined effects 
of swelling and strength reduction of the fault zone. It was a long process and took ten 
years until swelling and strength reduction finally resulted in the collapse.  
 
Numerical analysis of the cave-in has been carried out with properties of the 
weakened fault zone estimated corresponding to the weakest material from the caved in 
rock mass. For modeling with support as actually used, both the detected cracks during 
tunnel excavation and the tunnel collapse are verified. The cracks were caused by 
tension. The swelling pressure has been found to have had a limited influence on the 
shotcrete, while the strength reduction played an important role in the development of 
instability. Rock support with reinforced shotcrete ribs could not have fully prevented the 
tunnel instability according to the numerical analysis. It could have prevented the rock 
fall, but cracks between the shotcrete ribs indicate potential instability. A 25cm thick 
concrete lining, in addition to the concrete, would have reduced the cracked area 
considerably. Special consideration is required for rock support under the combined 
effects of swelling and strength reduction of rock mass before such scenarios are included 
in the rock classification systems.   
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Figure 1. Simplified geological map of southeast Norway with the location of the Hanekleiv road 
tunnel and Drammen (modified after Holmøy, 2002).  
 
 
 
Figure 2. Simplified presentation of topography and geology along the tunnel alignment (Based on Bollingmo et al. 
2007).  
Figure 3. Principle sketch of shielding for water proofing and frost protection (Reynolds, 2007). 
  
 
Figure 4. Cave-in section of the fault zone.  
 
 Figure 5. Caved in material. 
Figure 6. Longitudinal and cross sections of the rock slide area (modified after Bollingmo et al. 2007). 
 
  
Table 1 Input parameters for estimation of Q-value for the fault zone 
Parameter fault zone 
Rock quality designation (RQD) 10 
Joint set number (Jn) 20 
Joint roughness number (Jr) 1 
Joint alteration number (Ja) 15 
Joint water reduction factor (Jw) 1 
Stress reduction factor (SRF)  2.5 
Note: 
SRF
J
J
J
J
RQDQ w
a
r
n
uu  
 
 
Table 2 Mineral composition of the clay samples (Bollingmo et al. 2007) 
Mineral Content  
Alkali feldspar  53% 
Plagioclase 21% 
Smectite  6% 
Kaolinite 11% 
Mica  9% 
 
 
 
 
Figure 7. FLAC3D model. 
 
 
Table 3 Properties of fault zone, side rock and shotcrete 
Properties Original fault zone Weakened fault zone Side rock Shotcrete 
Density (kg/m3) 2700 2700 2700 2350 
Modulus of elasticity (E) (GPa) 3.1 2.0 45 20 
Poisson’s ratio (ȣ) 0.3 0.3 0.22 0.2   
Bulk modulusa (K) (GPa) 2.6 1.7 26.8 11.1 
Shear modulusb (G) (GPa) 1.2 0.8 18.4 8.3 
Cohesion (MPa)  0.45 0.2 6 7 
Friction 30o  15o 50 45o 
Dilation - - 15o 12o 
Tensile strength  (MPa) - - 1 0 – 4 * 
* Tensile strength of shotcrete depends on the plastic tensile strain.   
aK=E/3(1-2 ȣ) 
bG=E/2(1+ ȣ) 
  
 
Figure 8. Geometry of the simulated reinforced shotcrete rib.   
 
Table 4 Parameters of steel bars in shotcrete rib  
Properties Steel bar 
Young’s modulus (GPa) 200 
Poisson’s ratio 0.3 
Cross-sectional area (m2) 2.01×10-4 
Second moment respect to y-axis if the pile element(m4) 1.6×10-9 
Second moment respect to z-axis if the pile element (m4) 1.6×10-9 
Polar moment of inertia (m4) 3.2×10-9 
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Figure 9. Yielded zones of shotcrete at three stages of the numerical simulation.  
(Left: after excavation; Middle: swelling pressure considered; Right: Swelling pressure and weakened 
fault zone considered)  
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Figure 10. Yielded zones of fault based on numerical simulation.  
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Figure 11. Displacement vector of cross sections A and B of rock fall area.   
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Figure 12. Contour of shear strain increment of cross sections A and B of rock fall area.  
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Figure 13. Yielded zones of shotcrete ribs (left) and concrete lining (right).  
(swelling pressure and weakened fault zone considered) 
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